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ABSTRACT 
 
Precast/prestressed double tee bridge girders are widely used for accelerated bridge construction on local 
roads in South Dakota. A common issue among existing double tee bridges in South Dakota is the rapid 
deterioration of longitudinal joints (shear keyways) between adjacent girders. Deteriorated joints allow 
moisture and deicing chemicals to reach the deck reinforcement, leading to premature corrosion of 
reinforcing steel and spalling of concrete. The structural performance of conventional and proposed 
longitudinal joints between precast double tee bridge girders was examined experimentally under cyclic 
and monotonic loading. Two 40-ft. long full-scale bridge superstructure specimens, each consisting of 
two joined double tee girders, were tested at the Lohr Structures Laboratory at South Dakota State 
University (SDSU). Each specimen represented two adjacent interior girders of a two-lane bridge having 
a width of an approximately 31 feet. The proposed continuous joint with overlapping steel mesh 
reinforcement in a grouted shear keyway exhibited substantially improved serviceability and strength 
performance characteristics over the conventional grouted joint with discrete welded connections. 
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EXECUTIVE SUMMARY 
 
Precast bridge superstructure elements are essential for accelerated bridge construction. Due to their ease 
of construction and reduced construction time and cost, precast/prestressed double tee bridge girders are 
routinely used by local governments in South Dakota for rapid construction of bridges on local roads. 
Detailing of longitudinal joints between precast bridge girders for adequate shear transfer remains a major 
concern, especially in “decked” precast girders, such as double tee girders, which do not require cast-in-
place bridge decks. 
 
The conventional joint detailing used for double tee girder bridges in South Dakota consists of discrete 
welded connections spaced along a grouted longitudinal joint (shear keyway) between adjacent girders. A 
common issue among existing double tee bridges is that the longitudinal joints deteriorate with time, most 
likely due to inadequate shear connection between adjacent girders. It is only a matter of time before the 
grout begins to crack along the joint, creating a path for moisture and deicing chemicals to reach the steel 
reinforcement in the deck, and leading to corrosion, concrete spalling, and structural degradation of the 
bridge. Short-term maintenance such as asphalt overlays can temporarily seal longitudinal joints, but 
asphalt overlays are costly and have a tendency to form reflective cracks directly above the longitudinal 
joints. 
 
Due to age, rapid deterioration and increased traffic demands, many bridges on the South Dakota local 
highway system need replacement. The desired rate of bridge replacement created a backlog of local 
bridges in need of replacement. Double tee bridge girders provide economic and rapid construction 
technique for bridge replacement. Although the service life of double tee girders used on local roads was 
expected to be 50 to 70 years, some double tee bridges built less than 40 years ago already need 
replacement due to premature deterioration caused by inadequate longitudinal joints. This experimental 
study was performed to develop and verify the performance of a simple joint detailing for enhanced 
serviceability and strength. 
 
Two 40 ft. long full-scale bridge superstructure specimens, each consisting of two joined double tee 
girders, were tested at the Lohr Structures Laboratory at South Dakota State University (SDSU). Each 
specimen represented two adjacent interior girders of a two-lane bridge (approximately 31 ft. wide). One 
specimen, labeled “Conventional,” incorporated the longitudinal joint detailing that has been traditionally 
used in South Dakota (grouted keyway with discrete welded steel connections). The other specimen, 
labeled “Proposed,” incorporated a redesigned continuous longitudinal joint with a grouted shear keyway 
that is 4 inches wider than the conventional shear keyway. The redesigned joint did not require welded 
connections, but was reinforced with overlapping wire mesh layers that were extended out of the decks. 
The proposed specimen was tested with and without a precast concrete diaphragm placed between stems 
of adjacent girders to restrain transverse rotation of the joint. The main objectives for the laboratory tests 
were to evaluate serviceability and strength of the conventional and the proposed longitudinal joints when 
subjected to both fatigue (cyclic) and increasing monotonic loading. 
 
Each specimen was subjected to cyclic loading representative of AASHTO’s Fatigue I and Fatigue II load 
combinations, and then tested to failure under increasing monotonic load. Fatigue I loading was included 
in this study to investigate the effects of maximum stress ranges that could result from potential overloads 
on agricultural routes. Based upon expected average daily truck traffic, the number of load cycles 
corresponding to 75 years of service was determined to be 411,000 load cycles. A strength test was 
performed for each specimen following the completion of the respective fatigue loading. It should be 
noted that damage to the specimens during fatigue loading were repaired prior to the start of the 
subsequent testing regimen. 



 
 

The experimental results were examined and finite element analyses of the test specimens were conducted 
to assess the performance of the conventional and the proposed longitudinal joints. Following are the 
research findings. 

 The proposed joint construction process was relatively simple and did not require special 
expertise or tools. The conventional joint required a certified welder to attach the welded 
connections. 

 The proposed joint survived 800,000 of combined Fatigue II and Fatigue I load cycles (146 
service years) without exhibiting any signs of failure. The conventional joint experienced 
structural failure at 62,000 load cycles (11.3 service years) under normal service loading 
conditions (Fatigue II). 

 Water seepage through the conventional joint started at 19,500 load cycles (3.6 service years) and 
15,000 load cycles (2.7 service years) for Fatigue II and Fatigue I loads, respectively. The 
proposed joint remained water tight under 800,000 cycles of combined Fatigue I and Fatigue II 
loading. It should be noted that non-shrink grout material specified by South Dakota DOT 
(described in this report) is adequate for the proposed joint. However, the joint must be cast in 
one continuous pour to eliminate cold joints that might allow for the passage of water. 

 Under fatigue loading the conventional joint deteriorated rapidly, which resulted in significant 
stiffness degradation, while the proposed joint remained essentially intact and had negligible 
effect on stiffness degradation. For Fatigue II loading, the stiffness degradation rate of the 
conventional specimen was 26 times that of the proposed specimen. 

 The addition of rotation-restraining diaphragms to the proposed joint detail reduced the stiffness 
degradation rate by a factor of 2 (from 0.0046 kip/in./1000 load cycles to 0.0023 kip/in./1000 
load cycles). However, even without diaphragms, the stiffness degradation rate was negligible 
and had no negative effects on the joint performance. 

 The behavior of the conventional joint was close to that of a hinged connection while the 
behavior of the proposed joint was close to that of a rigid connection. The difference in behavior 
had significant implications on flexural strength, distribution of the support reactions to the girder 
stems, and joint shear. 

 The conventional joint allowed for the development of only 61.9% of the loaded and trailing 
girders combined flexural strength. The proposed joint was capable of engaging the trailing girder 
and developing 95.4% of the combined flexural strength. 

 For the conventional specimen, the measured reaction at the interior stem of the trailing girder 
constituted close to 50% of the system’s total support reaction, while the reaction at the interior 
stem of the loaded girder was only 31% of the total support reaction even though the load was 
applied almost on top of the stem. The combined reaction at the interior stems was approximately 
60% of the total reaction for the proposed specimen as compared with 80% for the conventional 
specimen. 

 The analytical results indicated that the shear span had a minor effect on the load distribution to 
the stems. For each of the three shear spans considered in this study, approximately one-third of 
the applied load was carried by each of the stems of the loaded girder and the first interior stem of 
the trailing girder of the proposed specimen, while close to one-half of the applied load was 
carried by the first interior stem of the trailing girder of the conventional specimen. 

 The joint shear force, as calculated using the measured reactions, was 44% of the applied load for 
the conventional specimen and 31% of the applied load for the proposed specimen.  



 
 

 The joint shear force was carried mainly by the welded connections in the conventional joint and 
by shear stresses in the proposed joint. A rational procedure based on an effective joint length and 
the ACI shear-friction equation was developed for the design of the proposed joint for shear.  

 Implementing the proposed joint without diaphragms could increase the initial project cost by 3% 
to 4%. 

Based on the research findings, the following conclusions were made. 

 The proposed joint is feasible for field construction and does not require special skills. 

 The proposed joint service life exceeds the desired bridge design life of 75 years while the 
conventional joint would fail during the early service years of a bridge.  

 The proposed joint is successful in mitigating water seepage while the conventional joint is 
susceptible to water seepage at an early age.  

 The proposed joint virtually eliminates stiffness degradation due to fatigue while the conventional 
joint would result in rapid stiffness degradation.  

 The rotation-restraining diaphragms are redundant and do not provide tangible benefits to the 
performance of the proposed joint. Eliminating the diaphragms would reduce construction cost 
and time. 

 The conventional joint behaves as a hinge, which allows for shear transfer only. The proposed 
joint behavior is similar to a stiff link between the girders. 

 Under the loading conditions considered in this study, the flexural strength of specimen with the 
proposed joint was more than 1.5 times that of the specimen with the conventional joint. 

 The proposed joint allowed for a better spread of the support reactions over the girder stems.  

 The analytical results indicate that the shear span had only a marginal effect on the load 
distribution to the stems. 

 For the cases considered in this study, the proposed joint results in an approximately 30% 
decrease in the joint shear demand. 

 A rational procedure may be used for the shear design of stiff joints with shear-friction 
reinforcement similar to the proposed joint. 

 The added initial construction cost for implementing the proposed joint is approximately 3% to 
4% of the total bridge construction cost. The added cost is inconsequential when compared with 
potential savings obtained extending the joint service life to more than 75 years. 

The following recommendations are based on the findings of this study. 

 Future reference to the conventional joint and the proposed joint in double tee girder bridges 
should be “discrete welded joint” and “monolithic joint,” respectively. The proposed terminology 
provides concise descriptions of the anatomy and performance of the two joint types considered 
in this study. 

 The discrete welded joint detailing should not be used for the construction of new double tee 
girder bridges. The discrete welded joint is severely inadequate at both the serviceability and the 
strength limit states. Water seepage through the joints could occur within the first three years of 
service life, leading to moisture ingress and concrete deterioration. Failure of the welded 
connections could start at less than 15 years in service. Loss of the welded connections will 
compromise the structural integrity of the bridge and reduce its design load carrying capacity 



 
 

 The monolithic joint detailing concept should be adopted for the construction of new double tee 
girder bridges. The monolithic joint provides substantially improved serviceability and strength 
performance characteristics over the discrete welded joint at no significant increase in initial 
construction cost. The joint service life may well exceed the bridge design life of 75 years. The 
joint is water-tight, exhibits negligible stiffness degradation, leads to better distribution of the 
support reaction to the girder stems, and engages adjacent girders at the strength limit state 

 A future study is needed to calibrate AASHTO’s wheel load distribution factors, provide a simple 
method for determining the distribution of support reaction to the girder stems, and evaluate the 
joint shear demand in full bridge systems. AASHTO LRFD Bridge Design Specifications provide 
live load distribution factors for determining the moment and shear demands in girders of double 
tee girder bridges. The AASHTO distribution factors are limited to joints that are “connected only 
enough to prevent relative vertical displacement at the interface.” Moreover, AASHTO does not 
provide methods for determining the live load shear force (reaction) at each stem or the critical 
shear force transferred at longitudinal joints. The results of the current study clearly show that the 
joint behavior has significant influence on the support reaction at the girder ends, the distribution 
of the support reaction to the stems, and the value of the shear force transmitted through the joint. 
However, this study was limited to testing and analyzing a two-girder sub-assemblage system 
using one of the standard double tee girder cross sections. The basic finite element models 
developed in this study can be expanded in a follow-up parametric study to analyze full bridges 
with different spans and girder cross sections. The main objective of the future study would be to 
develop empirical equations that will enable the designer to determine load demands in different 
double tee bridge configurations. 
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1. INTRODUCTION 
 
1.1 Project Description 
 
Precast bridge elements are routinely used for bridge construction in South Dakota. Currently one of the 
standard bridge types used for bridge replacement on the local road system is the precast/prestressed 
double tee girder. Double tee girder-type bridges are used because of their ease of construction and 
reduced construction time and cost. The precast double tee girders are joined to the adjacent girders to 
allow load sharing by means of longitudinal joint connections. Detailing of longitudinal joints between 
precast bridge girders for adequate shear transfer remains a major concern, especially in “decked” precast 
girders such as double tee girders, which do not require cast-in-place (CIP) bridge decks. The current 
longitudinal joint detailing used for double tee girder bridges in South Dakota consists of discrete welded 
connections and a grouted shear keyway between adjacent girders. Figure 1.1 shows joint details between 
standard 23 in. deep double tee girders used in South Dakota. The design life of these bridges was 
expected to be 50 to 70 years, but bridges less than 40 years old are showing signs of severe deterioration. 
 

 
 Plan View 

 
 Section B-B 
 

  
 Section A-A  

 Section C-C 

Figure 1.1  Grouted Shear Keyway with Discrete Welded Connections 

A common issue among existing double tee bridges is that the longitudinal joints deteriorate with time, 
most likely due to inadequate shear connection between the adjacent girders. It is only a matter of time 
before the grout begins to crack along the joint length, creating a path for moisture and deicing chemicals 
to reach the steel reinforcement in the deck and leading to corrosion, concrete spalling, and structural 
capacity degradation. Deterioration of longitudinal joints can cause joined girders to separate from each 
other, resulting in reduced structural capacity. 
 
Short-term maintenance such as asphalt overlays can temporarily seal the longitudinal joints. However, 
asphalt overlays are costly and have a tendency to form reflective cracks directly above the longitudinal 
joints. Reflective cracks allow water and deicing chemicals to penetrate the longitudinal joints. An 
example of reflective cracking and concrete deterioration at a double tee bridge is shown in Figure 1.2 
and Figure 1.3, respectively. 
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Figure 1.1  Reflective Cracking of the Asphalt Overlay 

 

 
Figure 1.2  Concrete Deterioration in the Deck Overhang of a Double Tee Bridge 

Due to this rapid bridge deterioration and increased traffic demands, many bridges on the South Dakota 
local highway system need replacement. Double tee bridge girders provide economical and fast 
construction for bridge replacement; however, there is a need to develop a longitudinal joint detailing to 
mitigate the deficient performance exhibited by existing joints and enhance the service life of double tee 
bridges. 
  
1.2 Objectives 
 
The two main objectives of this study are listed below. 

 From the literature review, determine whether alternatives to the double tee precast girder exist 
with improved details for shear transfer between longitudinal joints to alleviate joint degradation. 
To meet this objective, a review of previous literature and a survey of current practices in South 
Dakota and neighboring states regarding longitudinal joints in decked precast/prestressed systems 
were conducted. The aims were to identify (1) alternative decked girder systems with adequate 
shear transfer at longitudinal joints and (2) improved joint detailing for potential implementation 
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in the double tee girder system used in South Dakota. The researchers consulted with local 
precast companies to identify feasible options for alternative systems and improved joint detailing 
that would be submitted to the technical panel for discussion and approval. The technical panel 
selected an option that uses modified joint details for attaching adjacent double tee girders used in 
South Dakota. More details on the work to achieve this objective are presented under Tasks 2 to 5 
of this report. 

 Perform load testing on alternative girder(s) and double tee girders, and compare results. Two 40-
ft. long full-scale bridge superstructure specimens, each consisting of two joined double tee 
girders, were tested at the Lohr Structures Laboratory at South Dakota State University (SDSU). 
Each specimen represented two adjacent interior girders of a 33 ft. wide prototype bridge. One 
specimen, labeled “Conventional,” was the control specimen and incorporated the longitudinal 
joint detailing that has been traditionally used in South Dakota (grouted keyway with discrete 
welded steel connections). The other specimen, labeled “Proposed,” incorporated a redesigned 
continuous longitudinal joint with a grouted shear keyway that is 4 inches. wider than the 
conventional shear keyway. The redesigned joint did not require welded connections, but was 
reinforced with overlapping wire mesh that is extended out of the decks. The proposed specimen 
was tested with and without precast concrete diaphragm placed between stems of adjacent girders 
to restrain transverse rotation of the joint. The main objectives for the laboratory tests were to 
evaluate serviceability and strength of the conventional and the proposed longitudinal joints when 
subjected to both fatigue (cyclic) and increasing monotonic loading and to compare the 
performance of the two specimens. 

 
1.3 Literature Review 
 
This section reviews previous studies regarding detailing and performance of longitudinal joints between 
precast decked bridge girders. The studies included in this review are limited to simple systems that can 
be constructed on local roads without the need for highly specialized bridge construction crews. Thus, 
studies of longitudinal joints that require post-tensioning or advanced concrete materials are not 
presented. Also absent from this review are studies that involve voided girder systems, such as box 
girders and voided slabs. The technical panel for this project was not in favor of using voided girder 
systems due to concerns related to formwork that remains in place inside the girders after the completion 
of the bridge construction. Some of the studies that have been reviewed and are either not highly relevant 
to this study or include repeated information are presented in Appendix I (Zhu et al., 2012; Rouse et al., 
2011; Culmo and Seraderian, 2010; Maguire et al., 2013; French et al., 2011). 
 
1.3.1 Jones 
 
Jones (2001) performed full-scale load tests on a then “current” Texas Department of Transportation 
(TxDOT) detail and a proposed “simple” detail for joining the decks of double tee bridge girders. The 
objectives of the research were to develop, analyze, and test a new method for laterally connecting the 
flanges of double tee girders. Cyclic and monotonic loading protocols were used to assess the 
performance of the connections. Load distribution factors for the TxDOT bridges built with the simple 
detail were also addressed in the study. 
 
The current longitudinal joint detail consisted of discrete welded steel connections and a grouted keyway. 
The connections consisted of 3/8 in. plates that were welded vertically between the adjacent girders. Steel 
plates with headed stud anchors were embedded into the girders at a constant interval along the girder 
length. Figure 1.4 shows details of the TxDOT connection. 
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Plan View Steel Plates Connection 

Figure 1.3  TxDOT Joint Detail (Jones, 1998) 

The proposed simple detail consisted of discrete steel welded connections and a grouted shear keyway. 
The connection consisted of two steel plates, one in each girder, embedded into the deck concrete and a 1 
in. diameter bar that was placed between and welded to the plates. This detail resulted in a narrow 
continuous grouted keyway that extended over the length of the girder. Figure 1.5 shows details of the 
simple joint. 
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Figure 1.4  Proposed Simple Detail for TxDOT Girders (Jones, 1998) 

The current and simple details were tested under cyclic and monotonic loadings to determine the long-
term performance of the connections. The specimens consisted of two full-scale double tee girders joined 
with the current and simple details. The load position was varied during preliminary testing; however, 
during cyclic loading and strength tests, the load was applied at mid-span approximately one foot from 
the longitudinal joint.  
 
Fatigue loads, used to represent vehicle live loads and ranging from an initial 16 kips to a peak of 24 kips, 
were applied to the simple specimen at a rate of three cycles per second for a total of 1.5 million cycles. 
Monotonic load tests were performed at intervals ranging from 50,000 to 250,000 cycles to measure the 
stiffness of the system by applying a 20-kip load. Once cyclic loading was complete, the grout was 
removed around the steel joint and no signs of failure or degradation were visible. 
 
1.3.2 Li, Ma, and Oesterle 
 
Research completed by Li et al. (2010) investigated an improved continuous longitudinal joint connection 
detail for use in decked precast/prestressed bulb tee girders. Four full-scale slab specimens that 
represented joined bulb tee decks were tested under fatigue and monotonic loading.  
 
The longitudinal joint was 8 in. wide at mid-depth and tapered to 6 inches at the top and the bottom of the 
deck. The joint reinforcement consisted of No. 5 headed bars that were staggered with an overlap of 6 
inches in the grouted keyway as shown in Figure 1.6. Headed reinforcement was used rather than 
conventional reinforcement to develop the reinforcement in a relatively narrow joint width.  
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Figure 1.5  Joint Detail by Li et al. (2010) 

The specimens were subjected to 2 million cycles of fatigue loading to determine the long-term 
performance of the joint. The fatigue loading protocol for the slab specimens was developed in a 
parametric study by Ma et al. (2007). Three-dimensional (3D) finite element (FE) models were created 
and field-verified to determine the shear force and moments at the longitudinal joints of the decked 
precast/prestressed bulb tee girders. AASHTO LRFD (2007) Fatigue II loading protocol was used in their 
study. The moments produced from the AASHTO LRFD fatigue truck in the 3D FE models were then 
used for the fatigue tests of the slab specimens. The slab specimens were instrumented to measure 
curvature, deflection, and steel strain. 
 
Li et al. concluded that the fatigue loading had little influence on the structural behavior and strength of 
the longitudinal joint and that the improved longitudinal detail with headed reinforcement is a viable 
connection system for decked bulb tee girders. 
 
1.3.3 Zhu, Ma, and French 
 
Zhu et al. (2012) developed and tested U-bar joint details for use in decked bulb tee girders and bridge 
decks. Similar to the study by Li et al. (2010), four full-scale slab specimens with the U-Bar detail were 
tested under fatigue and monotonic loading.  
 
The longitudinal joint was 8 in. wide at mid-depth and tapered to 6 inches at the top and the bottom of the 
deck. The joint reinforcement consisted of No. 5 U-bars that projected out of the deck and into a grouted 
keyway. An illustration of the U-bar detail is shown in Figure 1.7. No. 4 lacer bars were placed through 
the U-bars to develop the U-bars. The testing procedure and instrumentation were similar to those used in 
the study by Li et al. (2010). 
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Figure 1.6  U-Bar Joint Reinforcement Detail 

The results of the tests indicated that the fatigue loading had little impact on the U-bar joint behavior and 
strength. After the end of the 2 million cycle fatigue test, the slab specimen was successfully subjected to 
a ponding test with no leaks through the longitudinal joint. The U-bar detail was considered a viable 
connection system for the longitudinal joint between adjacent decked bulb tee girders. 
 
1.3.4 Concluding Remarks 
 
The simple joint detailing proposed by Jones (2001) is similar in concept to the joint detailing that has 
been in use for double tee girder bridges in South Dakota, which are described later in this report. The 
overlapping studded bar (Li et al., 2010) and overlapping U-bar (Zu et al., 2012) joints were developed 
for bulb tee decks that are in excess of 6 inches in thickness and may not be suitable for the thinner 5 inch 
and lightly reinforced decks of double tee girders used in South Dakota. 
 
1.4 Survey of State DOT and Local Highways Officials 
 
A questionnaire regarding the use and performance of decked precast/prestressed girders was distributed 
to officials from several DOTs and local governments. The survey instrument is presented in Appendix B. 
Several of the contacts that responded to the survey were not able to provide any information relevant to 
this study. Only the responses that were relevant to the study are summarized in this section. 
 
1.4.1 Brookings County, South Dakota 
 
Brookings County, SD, uses the double tee bridge girder system for the majority of bridges on local 
roads. The girders are joined using the conventional longitudinal joint detail with discrete welded 
connections. The county specifies non-shrink grout with a minimum strength of 3,500 psi. This strength is 
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lower than the minimum 4,500 psi specified in Section 460.3S of SDDOT Standard Specifications (2004). 
Reflective cracking was noted as a major concern in approximately 50% of the double tee bridges in the 
county.  
 
1.4.2 Pennington County, South Dakota 
 
Similar to Brookings County, Pennington County, SD, uses the double tee bridge girder system with the 
conventional joint detail. Although the response to the survey did not provide the percentage of double tee 
bridges that experience reflective cracking in Pennington County, corrosion from the formation of 
reflective cracks was noted as a major concern. 
 
1.4.3 Cass County, North Dakota 
 
Cass County, ND, does not typically use decked precast/prestressed girders; box girder bridges with cast-
in-place (CIP) decks are more common. Few precast/prestressed double tee and quad stem girder bridges 
with welded steel connections and grouted keyway do exist in Cass County. Although reflective cracking 
was noticed on up to 20% of the decked girder bridges, it was more noticeable in the bridges with a 
concrete overlay as opposed to bridges with an asphalt overlay. The use of non-shrink grout with a 4 in. 
maximum slump for the shear keyway was the only specification reported by Cass County officials. No 
compressive strength was specified for the grout. 
 
1.4.4 Nebraska Department of Roads 
 
Nebraska primarily uses precast/prestressed voided or solid slabs that have section heights ranging from 
10 to 12 inches. The span lengths of the precast slabs are limited to 40 feet; CIP concrete decks are used 
for bridges with spans longer than 40 feet. The deck slabs are joined using grouted shear keyways filled 
with 4,000 psi non-shrink grout. The percentage of bridges with reflective cracking was not reported.  
 
1.4.5 Montana Bridge Bureau 
 
The Montana Bridge Bureau reported the use of decked bulb tee, triple stem, and quad stem bridge girder 
systems. The longitudinal joints between the decks of the three bridge girder systems are identical and 
consist of grouted keyways and welded steel connections. Montana also uses steel intermediate 
diaphragms to control movement of the girders relative to one another. Montana Bridge Bureau reported 
reflective cracks on 100% of the bridges. They suggested making the longitudinal joint a moment 
connection to produce continuous curvature through the longitudinal joint. 
 
1.4.6 Washington DOT Bridge Design Office 
 
The Washington DOT uses the decked bulb tee girder for secondary road systems with spans ranging 
from 60 to 120 feet. The decked bulb tee section is also commonly used by SDDOT and has the same 
longitudinal joint with shear key and welded steel connections. The Washington DOT uses 5 in. thick CIP 
concrete topping with the decked bulb tee bridges. Reflective cracking was reported as a major issue with 
up to 60% of bridges experiencing reflective cracks above the longitudinal joints. 
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2. TEST SPECIMENS 
 
An experimental program was conducted in this study to evaluate the structural performance of the 
conventional joint used in South Dakota and a proposed alternative joint for double tee bridge deck 
systems. This chapter covers design, fabrication, test setup, instrumentation, and test procedures for the 
test specimens. 
 
2.1 Design of the Test Specimens 
 
The technical panel and the research team of this project agreed to design the test specimens based on a 
two-lane, 40 ft. span prototype bridge with 23 in. deep standard double tee girders. The prototype bridge 
was selected based on the configuration of a large number of existing double tee bridge systems in South 
Dakota and the ability to test full scale bridge sub-assemblages of this size in the J. Lohr Structures 
Laboratory at South Dakota State University (SDSU).  
 
The bridge girders were designed for HL-93 live loading (AASHTO, 2012), which consists of a design 
truck or a tandem and a design lane load. The design truck comprises a pair of 32 kip axles and an 8 kip 
axle with axle spacing as shown in Figure 2.1. The design tandem comprises two 25 kip axles spaced 4 
feet apart. The design lane load consists of a 0.64 klf load that is distributed along the bridge length and 
spread over a 10 ft. deck width. The bridge girders were designed by Cretex Concrete Products Inc. using 
the PS Beam program (Eriksson Technologies, 2011).  
 

 
Figure 2.7  HL-93 Truck (AASHTO 2012) 

Two 40 ft. long full-scale bridge superstructure specimens, each consisting of two joined double tee 
girders, were designed, built, and tested under fatigue and ultimate loading conditions. The testing was 
performed at the Lohr Structures Laboratory. Each specimen represented two adjacent interior girders of a 
two-lane bridge. One specimen, labeled “Conventional,” incorporated the longitudinal joint detailing that 
has traditionally been used in South Dakota (grouted keyway with discrete welded steel connections). The 
other specimen, labeled “Proposed,” incorporated a redesigned continuous longitudinal joint with a 
grouted shear keyway that is 4 inches wider than the conventional shear keyway. The redesigned joint did 
not require welded connections, but was reinforced with overlapping wire mesh that extended out from 
the decks. Shop drawings for the conventional and the proposed specimens are provided in Appendix D. 
The proposed specimen was tested with and without precast concrete diaphragm placed between stems of 
adjacent girders to restrain transverse rotation of the joint. Details of the specimens are presented 
hereafter. The main objectives for the laboratory tests were to evaluate serviceability and strength of the 
conventional and the proposed longitudinal joints when subjected to both fatigue (cyclic) and increasing 
monotonic loading until failure. 
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2.1.1 Conventional Specimen 
 
The conventional specimen represented two interior girders of a 40 ft. span, 30.67 ft. wide, two-lane 
hypothetical bridge. The hypothetical bridge, shown in Figure 2.2, consisted of eight standard  
3 ft., 10 in. wide by 23 in. deep precast/prestressed girder units. This bridge was representative of double 
tee girder bridges commonly used in South Dakota.  

 
Figure 2.8  Cross Section of Hypothetical Bridge for Sizing the Conventional Specimen 

A cross section of a typical precast/prestressed girder is shown in Figure 2.3. The flange was 5 inches 
thick and reinforced with two layers of 4 × 8 – D8 × D4 wire mesh and four No. 4 bars. The stem was 
tapered from a width of 5 inches at the bottom to 6.25 inches at the top. The stem was reinforced with six 
0.5 in. diameter 7-wire strands, each tensioned to 31 kips. The shear reinforcement in the stem consisted 
of a 4 × 8 – D8 × D4 welded wire mesh. 
 

 
Figure 2.9  Standard 3 ft., 10 in. Wide by 23 in. Deep Double Tee Section 

Details of the conventional specimen are shown in Figure 2.4. The longitudinal joint consisted of a 
grouted shear keyway that extended the length of the girder and incorporated welded steel connections at 
5 ft. center-to-center spacing along the girder length. The specified grout was a non-shrink, cement based 
grout with a minimum 28-day compressive strength of 4,500 psi, as required by SDDOT (2004). The 
technical data sheet for the grout material is presented in Appendix E. The welded steel connection 
consisted of a 5 in. long by 0.25 in. thick A36 steel plate and a pair of 1.5 in. by 1.5 in. A36 steel angles 
that were embedded across each other in the deck concrete. The steel angle was 6 in. long and was fitted 
with two 3/8 in. diameter by 5 in. long welded headed studs for anchorage into the concrete. The plate 
was field-welded to the two steel angles using a 3/8 in. fillet weld. 
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 Plan View 

 
 Section B-B 
 

  
 Section A-A  

 Section C-C 
Figure 2.10  Details of the Conventional Specimen 

2.1.2 Proposed Specimen 
 
The proposed specimen represented two interior girders of a 40 ft. span, 33 ft. wide, two-lane hypothetical 
bridge. The hypothetical bridge, shown in Figure 2.5, consisted of eight standard 3 ft., 10 in. wide by 23 
in. deep precast/prestressed girder units similar to those used for the conventional specimen, except that 
the deck’s top wire mesh would have to be extended a distance of 5 inches past the deck’s edge to allow 
for the construction of the proposed joint. As a result of the wider joints, the deck for this bridge was 2 ft., 
4 in. wider than that for the conventional hypothetical bridge. 
 

 
Figure 2.11  Cross Section of Hypothetical Bridge for Sizing the Proposed Specimen 

The proposed and the conventional specimens were similar except for the connection between the two 
girders of each specimen. Figure 2.6 and Figure 2.7 show a cross section of the proposed specimen and 
the corresponding joint details, respectively. For clarity, the second mesh in the deck, which extends into 
the webs to form the shear reinforcement, is not shown in Figure 2.6 and Figure 2.7. 
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Figure 2.12  Cross Section of the Proposed Specimen (2nd Mesh Not Shown) 

 

 
Figure 2.13  Joint Details of the Proposed Specimen (2nd Mesh Not Shown) 

The longitudinal joint was 4 inches wider than that of the conventional specimen and was reinforced with 
overlapping 4 x 8—D8.0 x D4.0 welded wire mesh that extended from the deck reinforcement for a 
distance of 5 inches. The wire mesh extension was provided during the fabrication of the girders. Thus, 
the shear dowel reinforcement at the joint consisted of 0.319 in. diameter deformed wires spaced at 4 in. 
center-to-center for a total steel area of 0.24 in.2/ft. Two 0.25 in. diameter longitudinal bars (lacer bars) 
were added between the overlapping mesh layers to develop the joint reinforcement; according to 
AASHTO (2012), two longitudinal wires spaced at least 2 in. apart are sufficient to develop the deformed 
wire in the transverse direction. The longitudinal joint was grouted the entire length of the girder using the 
non-shrink grout material. The construction of the longitudinal joint required that temporary plywood to 
be placed at the bottom of the longitudinal joint while grout was being placed. The Proposed specimen 
was tested with and without an option to restrain the rotation of the girders relative to one another. The 
restraint was accomplished by means of a diaphragm assembly placed between interior stems of adjacent 
girders. The assembly consisted of a 6 in. x 12 in. concrete cylinder strut (to restrain the closing of the gap 
at the bottom of the stem) and A325 ¾ in. diameter tie bolt (to restrain widening of the gap between the 
stems). The cylinder ends were saw-cut to size and chamfered to allow for a snug fit between the stems. A 
1 in. diameter polyvinyl chloride (PVC) sleeve at the center of the concrete cylinder allowed for 
placement of the tie bolt through the cylinder. Galvanized steel sleeves in the stems allowed for the 
passage of the steel bolts. The sleeves allowed for placement of the diaphragm assemblies at 5 feet on 
center along the length of the girder. 
 
2.2 Fabrication and Assembly of the Test Specimens 
 
The girders for the conventional and the proposed specimens were fabricated at the Cretex West Concrete 
Products facility in Mitchell, South Dakota. Members of the research team were present during the 
fabrication process to instrument the girders with strain gages, measure concrete fresh properties, cast 
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concrete test cylinders, and oversee the construction process. This section covers the fabrication of the 
girders and assembly of the specimens in the laboratory. 
 
2.2.1 Conventional Specimen 
 
Fabrication of the girders for the conventional specimen started on June 11, 2014, and was completed on 
June 13, 2014. The two girders were cast on the same bed. The prestressing strands were initially 
tensioned to 3,000 lbs. to remove the slack and allow for the installation of surface-mounted strain gauges 
on the strands. The wire mesh reinforcement was then placed in position. Subsequently, embedded 
concrete strain gages in the deck were tied to the mesh using steel wire. Prior to tensioning, initial 
readings of the strands were taken for reference. The strands were then jacked to 75% of the ultimate 
strand stress (0.75 fpu), which corresponded to a jacking force of 31,000 lbs. per strand. Strain readings 
were then recorded after final tensioning. 
 
During concrete casting, SDSU personnel tested the fresh concrete properties and prepared 15 standard 12 
in. by 6 in. concrete cylinders. At release, the concrete strength was 6,300 psi, which was greater than the 
specified minimum release strength of 5,000 psi. Before de-tensioning, strain gage readings were taken. 
The girders were then de-tensioned by torch cutting each strand simultaneously on the two girders. After 
de-tensioning, strain values were once again recorded. Figure 2.8 shows a sequence of pictures during 
fabrication. 
 

  
(a) Prestressing Bed (b) Placement of Mild Steel 

  
(c) Concrete Casting d) Testing of Fresh Properties 

Figure 2.14  Fabrication of the Girders for the Conventional Specimen 

The girders were shipped to the Lohr Structures Laboratory on June 18, 2014. The two girders were 
unloaded and placed in position on concrete reaction blocks prior to joining along the longitudinal joint. 
Figure 2.9 shows a sequence of pictures detailing the unloading and positioning procedure in the Lohr 
Structures Laboratory. 
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(a) Unloading from Truck (b) Placement on Steel Dollies 

  
(c) Positioning of First Girder d) Positioning of Second Girder 

Figure 2.15  Unloading and Positioning of the Girders 

After the girders were set in place, the difference in camber between the two girders did not exceed 0.25 
in. The gap at the bottom of the longitudinal joint varied from 0 in. to 9/16 in. Figure 2.10 shows the gap 
between the welded connections in the longitudinal joint. 
 

  
(a) 0 in. Gap at North End (b) 9/16 in. Gap at Mid-Span 

Figure 2.16  Varying Gap at Bottom of Longitudinal Joint of the Conventional Specimen 

The girders were connected together by welding the ¼ in. × 1 in. × 5 in. steel plates to the steel angles 
that were anchored in the girders. The weld was a 3/8 in. fillet weld that extended along the long sides of 
the steel plate. The welding was performed by a certified welder from a local steel fabricator in 
Brookings, South Dakota. A foam backer rod was placed at the bottom of the continuous shear key to 
prevent grout from leaking through the joint while grouting. The longitudinal joint was then filled with 
the grout mix. Test cubes were cast and the slump was measured during grouting. In normal construction 
practices, the longitudinal joint would be grouted along the entire joint length. However, to allow for 
visual monitoring of the welded connections during the test, 6-in. gaps were left ungrouted at the 
locations of those connections. Figure 2.11 shows the welded plates and the grouted joint with block-outs 
for monitoring the welded connections. 
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(a) Welded Plate (b) Grouted Joint 

Figure 2.17  Connection at Longitudinal Joint of the Conventional Specimen 

2.2.2 Proposed Specimen 
 
Fabrication of the two girders for the proposed specimen started on July 31, 2014, and was completed on 
August 1, 2014. The prestressing sequence and concrete sampling and testing were similar to those for the 
conventional specimen; however, after the first strand was initially tensioned, 1.5 in. × 2 in. steel tubes 
were placed in position to form the sleeves needed for the diaphragm tie bolts. The steel forms used by 
the fabricator to cast the standard 23 in. deep double tee girders were not originally configured for 
extending the deck wire mesh beyond the deck width. Therefore, the shear key on the extended mesh side 
was molded using three 2 in. × 4 in. pieces of dimension lumber stacked on top of each other. The wire 
mesh was extended above the bottom board that was anchored to the prestressing bed, while the two 
upper boards were screwed to each other and beveled on the inside face to form the profile of the shear 
key. A foam backer rod was placed between the bottom and the middle boards to seal the gap and prevent 
concrete seepage during casting. Figure 2.12 shows the steel sleeve inside the form and the shear key 
timber formwork. 
 

  
(a) Steel Sleeve (b) Shear Key Formwork 

Figure 2.18  Steel Sleeve and Shear Key Timber Formwork – Proposed Specimen 

The girders were shipped to the Lohr Structural Laboratory on August 5, 2014. The girders were unloaded 
and placed in position on top of the reaction blocks. Placing the second girder in position required some 
adjustment to be made at the overlapping wire mesh. The wire mesh from the second girder was bearing 
against the wire mesh from the first girder and preventing a full seating of the second girder. A crow bar 
was used to slightly separate the two layers of wire mesh and allow for the second girder to be fully 
seated on the supports. The adjustment process was simple and practical for field applications. The 
bottom of the longitudinal joint was formed with a 5 in. wide strip of plywood that was tied to the wire 
mesh. Steel wire ties were placed every two feet to hold the formwork in place. In field applications, the 

Sleeve 
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plywood form could be suspended from the first girder prior to placing the second girder and then pulled 
up and tied into place. The longitudinal joint was then filled with the grout mix. Figure 2.13 shows the 
plywood form at the longitudinal joint. 
 

  
(a) Bottom Side (b) Top Side 

Figure 2.19  Joint Formwork for the Proposed Specimen 

The restraining diaphragms were installed at 5 ft. spacing, starting at mid-span for a total of seven 
diaphragms. Figure 2.14 shows a diaphragm in place. 
 

 
Figure 2.20  Restraining Diaphragm in Place 

2.3 Test Setup 
 
The test setup was identical for both test specimens. An isometric rendering of the test setup is shown in 
Figure 2.15. Each specimen was assembled under the loading frame and was simply supported on 
concrete reaction blocks. Elastomeric bearing pads were placed under the girder stems. The effective span 
length between the supports was 39.17 ft. The specimen was tested under three-point loading with the 
middle load being applied eccentrically relative to the joint at the specimen’s mid-span. 
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Figure 2.21  Isometric Rendering of the Test Setup 

Details of the test setup are shown in Figure 2.16. The girders were labeled “A” and “B,” with girder A 
being the loaded girder and girder B being the trailing girder. Loading was applied at the mid-span of 
girder A by means of a 328 kip hydraulic actuator. The load was spread over a 10 in. x 20 in. loading steel 
plate, instead of the 16 in. x 16 in. plate proposed by the research team to the technical panel in a 
memorandum on May 15, 2014 (shown in Appendix C), to simulate the contact area specified by 
AASHTO (2012). The plate was placed at the edge of the longitudinal joint to maximize the shear stresses 
through the shear keyway. To investigate susceptibility of the joint to water seepage before and during 
loading, three 4 ft. long wood dams were placed directly on top of the longitudinal joint and were filled 
with water prior to testing. 
 

  
Figure 2.22  Details of the Test Setup 

2.4 Instrumentation 
 
Each specimen was instrumented with several electrical resistance strain gages, displacement transducers, 
and load cells. In addition, the hydraulic actuator used to load the specimens was equipped with a load 
cell and a position transducer.  
 
  

A B 
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2.4.1 Strain Gages 
 
Each girder was instrumented at its mid-span with 12 surface-mounted strain gages to measure strain in 
the prestressing tendons and seven embedded strain gages to measure strain in the concrete. Thus, 38 
strain gages were placed in each specimen. Figure 2.17 shows typical surface-mounted and embedded 
gages. 
 

  
(a) Surface-Mounted Strain Gage (b) Embedded Strain Gage 

Figure 2.23  Surface-Mounted and Embedded Strain Gages 

Figure 2.18 shows the distribution of the strain gages within the cross section. The west and east stem 
designations are in reference to the west direction shown in Figure 2.16. The embedded gages were 
placed at three levels: 1 in. from the bottom (stem), 15.25 in. from the bottom (neutral axis), and 2.5 in. 
from the top (deck). 
 

 
Figure 2.24  Strain Gage Placement 

Additionally, four of the diaphragms placed over one-half of the span in the proposed specimen were each 
fitted with a surface-mounted strain gage on the tie bolt to measure the restraining tension force in the bolt 
during the test.  
 
2.4.2 Linear Variable Differential Transformers 
 
Seven linear variable differential transformers (LVDT) were mounted on each specimen to measure 
deflections and rotations during the test. 
 
The measured absolute deflection at mid-span was determined by subtracting the deflection due to the 
compressibility of the elastomeric pads at the supports from the measured deflection at mid-span. The 



19 
 

deflection of the specimen at mid-span was measured by means of two LVDTs; one LVDT was placed at 
the center of Girder A, and the other LVDT was placed at the center of Girder B. A similar LVDT 
arrangement was placed over the specimen’s end at the support. The LVDTs were attached to fixed steel 
frames and measured vertical deflection at the top of the deck. Figure 2.19 shows the system of LVDTs 
used for measuring mid-span deflection.  
 

  
(a) LVDT at Mid-Span (b) LVDTs at the Support 

Figure 2.25  LVDT System for Measuring Vertical Deflection 

The mid-span joint rotation in the transverse direction was measured with a pair of LVDTs. The LVDTs 
were placed transversely across the longitudinal joint at the top and the bottom of the specimens, as 
shown in Figure 2.20, to measure the movement of one girder relative to the other across the joint. The 
measurements from the top and bottom LVDTs were used to determine the angle of rotation between the 
two girders. The LVDTs had to be placed at 1.5 ft. from mid-span to clear the actuator’s head. 
 

  
(a) Top LVDT (b) Bottom LVDTs 

Figure 2.26  LVDT System for Measuring Joint Transverse Rotation 

The vertical deflection of one girder relative to the other across the joint was measured by means of one 
LVDT, as shown in Figure 2.21. The LVDT was mounted at 1.5 ft. from mid-span to clear the actuator’s 
head. 
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Figure 2.27  LVDT for Measuring Relative Vertical Displacement 

2.4.3 Cable Extension Transducers 
 
The LVDTs used for measuring vertical deflections had a maximum stroke of 4 inches. A set of four 
cable extension transducers were used to capture deflections that would exceed the LVDT stroke as the 
specimen was tested for strength. Under each girder stem, a cable extension transducer was bolted to the 
floor and the cable was fastened to the bottom of the girder stem. Figure 2.22 shows the cable extension 
transducers in place. 
 

 
Figure 2.28  Cable Extension Transducers 

2.4.4 Load Cells 
 
Reactions at each of the four girder stems were measured on one end using 100-kip load cells. Under each 
stem, a load cell was placed between 6 in. × 6 in. × 1 in. steel plates to ensure a flat bearing surface. An 
elastomeric pad was placed on top of the steel plate where the girder stem would be seated. Figure 2.23 
shows one of the load cells in place under the girder stem. 



21 
 

 
Figure 2.29  Load Cell for Measuring Reactions 

2.4.5 Data Acquisition System 
 
The data acquisition system used had a capacity of scanning 128 channels at 10 to 2,048 times per second. 
A scan rate of 10 readings per second was used for all of the testing. 
 
2.5 Test Procedure 
 
Each specimen was subjected to cyclic loading representative of Fatigue I and Fatigue II load 
combinations (AASHTO 2012), and then tested to failure under increasing monotonic load. Fatigue I 
loading was included in this study to investigate the effects of maximum stress ranges that could result 
from potential overloads on agricultural routes. During fatigue testing, periodic quasi static load tests 
were performed to assess the effect of fatigue loading on stiffness, relative deflection at the joint, and 
joint rotation. The static load was equal in value to the cyclic load amplitude. The measured specimen 
stiffness was determined as the static load divided by the mid-span deflection at the center of girder A. 
 
2.5.1 Fatigue Testing 
 
The point load for the fatigue testing was determined by matching the maximum fatigue load moment on 
two interior girders of the two-lane hypothetical bridge. The fatigue load combination is based on the 
single AASHTO design truck but with a 30 ft. fixed spacing between the two 32-kip axles. The fatigue 
load incorporates a dynamic load allowance of 15%; however, the live load multiplier for the Fatigue II 
load combination is 0.75, while that for the Fatigue I load combination is 1.5. 
 
Using structural analysis software (CSI 2012) and Fatigue II live load, a moment envelope was developed 
for a 39.17 ft. simply supported span. The span length was selected to match that of the test specimen. 
The corresponding maximum moment was 289.5 kip-ft. The AASHTO (2012) live load distribution 
factor for an interior girder of the two-lane hypothetical bridge was 0.35. Calculations of the maximum 
moment and the live load distribution factor are shown in Appendix F. Since the test specimen consisted 
of two girders, the fatigue load applied during the test was based on doubling the point load that would 
induce the maximum fatigue moment in one girder. Thus, the fatigue loading consisted of a cyclic point 
load having amplitudes of 21 kips and 42 kips for Fatigue II and Fatigue I load combinations, 
respectively. The load application rate was governed by the actuator’s hydraulic flow demand. The load 
was applied at a rate of one cycle per second for Fatigue II and 0.75 cycles per second for Fatigue I. 
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Based on expected average daily truck traffic (100 ADT with 15% truck traffic density), the number of 
load cycles corresponding to 75 years of service was determined to be 411,000. 
 
2.5.2 Strength Testing 
 
A strength test was performed for each specimen following the completion of the respective fatigue 
loading. The test setup for the strength tests was identical to that used for the fatigue tests. The strength 
test loading was quasi-static with displacement increments ranging from 0.02 in. during the initial elastic 
response to 0.05 in. after significant deflection had occurred. It should be noted that damage to the 
specimens during fatigue loading was repaired prior to the start of the subsequent testing regimen. 
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3. EXPERIMENTAL RESULTS AND ANALYSIS 
 
This section presents the results and analysis of the experimental data for the conventional and the 
proposed specimens. The results include the data gathered from the measured material properties and the 
fatigue and strength testing. 
 
3.1 Material Properties 
 
This section presents the measured material properties for the concrete and grout mixes and the mill 
certificate reported properties for the prestressing strands used in the specimens. 
 
3.1.1 Fresh and Hardened Concrete Properties 
 
The fresh and hardened concrete properties were tested according to ASTM standards (ASTM 2010a, 
2010b, 2010c, and 2010d).  
 
The fresh properties of the concrete used to construct the girders were measured at the fabrication facility. 
The concrete was tested for temperature, air content, unit weight, and slump. The average fresh properties 
of the concrete are summarized in Table 3.1. 
 
Table 3.1  Fresh Concrete Properties 

 Temperature 
(°F) 

Air Content 
(%) 

Unit Weight 
(lb/ft3) 

Slump 
(in.) 

Conventional 
Specimen 77 5.5 144.8 4.00 

Proposed Specimen 83 4.9 145.8 7.50 
 
The specified minimum concrete strength was 5,000 psi at release and 6,000 psi at 28 days. During 
placement of concrete, concrete cylinders were cast and steam-cured with the girders until stress transfer 
the following morning. One cylinder was tested at release and the remaining cylinders were cured at room 
temperature at the Lohr Structures Laboratory. Three cylinders were tested at seven days, 14 days, 28 
days, and the day of strength testing of the specimens. The average strength of the three cylinders was 
reported as the measured strength. The modulus of elasticity was determined experimentally for each 
concrete cylinder using an 8-in. extensometer. A summary of the measured compressive strength, 𝑓𝑓𝑐𝑐′, and 
modulus of elasticity, 𝐸𝐸𝑐𝑐, is presented in Table 3.2. The compressive strength gain is shown graphically in 
Figure 3.1. 
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Table 3.2  Fresh Concrete Properties 

 Conventional Specimen Proposed Specimen 
 𝒇𝒇𝒄𝒄′  (psi) 𝑬𝑬𝒄𝒄 (ksi) 𝒇𝒇𝒄𝒄′  (psi) 𝑬𝑬𝒄𝒄 (ksi) 

@ Release 6,300 NA 5,000 NA 
7 days 7,670 5,020 7,580 4,800 
14 days 8,540 4,930 7,890 4,925 
28 days 8,910 5,000 8,280 4,910 

Day of Testing 9,140† 5,140† 8,570‡ 4,710‡ 

†Tested 35 days after casting  ‡Tested 49 days after casting 
 
 

 
Figure 3.30  Concrete Strength Gain 

3.1.2 Fresh and Hardened Properties of the Grout Mix 
 
The fresh grout properties were measured at the time of placement at the Lohr Structures Laboratory. The 
fresh properties of the grout mix are summarized in Table 3.3. Three sets of data are shown for the 
conventional specimen since new grouting was needed following each fatigue test. 
 
Table 3.3  Fresh Properties of the Grout Mix 

 Temperature 
(°F) Slump (in.) 

Conventional Specimen – 
Fatigue I Test 70 4.00 

Conventional Specimen – 
Fatigue II Test 70 4.00 

Conventional Specimen –  
Strength Test 74 4.25 

Proposed Specimen 77 4.25 
 
During placement of grout in the longitudinal joint, 2-in. cubes were cast for measuring the compressive 
strength of the grout. SDDOT requires the grout to have a minimum 28-day compressive strength of 
4,500 psi. Two grout cubes were tested at seven days and 28 days, and the average strength of the two 
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cubes was reported as the measured strength. Table 3.4 shows a summary of the compressive strength of 
the grout from the conventional and proposed specimens. 
 
Table 3.4  Measured Compressive Strength of the Grout Mix 

 Grout Compressive Strength (psi) 

 
Conventional 

Specimen 
Fatigue I Test 

Conventional 
Specimen 

Fatigue II Test 

Conventional 
Specimen 

Strength Test 

Proposed 
Specimen 

7 Days 6,040 5,720 5,300 5,460 
28 

Days 6,650 6,210 5,630 5,610 

 
3.1.3 Prestressing Strand Properties 
 
The prestressing strands were 0.5 in. diameter, seven-wire, Grade 270, low-relaxation strands. The stress-
strain properties were obtained from the mill certificate. According to the mill certificate, the strand had a 
cross-sectional area of 0.153 in.2, an average modulus of elasticity of 29,000 ksi, a yield stress of 256,870 
psi at 1% extension, and an ultimate stress of 283,740 psi at 5.2% extension. 
 
3.2 Test Results –Conventional Specimen 
 
The conventional specimen was first subjected to Fatigue I cyclic loading, followed by Fatigue II cyclic 
loading, and was finally loaded monotonically until failure.  The original testing plan called for Fatigue II 
testing to be performed prior to Fatigue I testing. However, the testing order for the conventional 
specimen was inadvertently switched. After realizing that Fatigue I testing had already been started prior 
to Fatigue II testing, the research team decided to complete Fatigue I testing since approximately 10,000 
Fatigue I load cycles had already been applied at the time. 
 
3.2.1 Fatigue I Loading 
 
A 42 kip load amplitude was applied at a rate of 0.75 cycles per second for a total of 56,000 cycles. Load 
tests to measure the stiffness of the specimen were originally planned to be administered every 50,000 
cycles over an anticipated 500,000 load cycles. However, after the longitudinal joint began to fail earlier 
than expected, stiffness readings were taken as deemed necessary based on visual inspection of the joint. 
The first sign of joint deterioration appeared at approximately 15,000 cycles when water from the water 
dam closest to mid-span started to seep through the longitudinal joint. At 31,500 cycles, the welded 
connection located 2.5 ft. south of mid-span failed when the weld connecting the welded plate and the 
angles cracked longitudinally along the length of the connection. The same type of connection failure 
occurred at 2.5 ft. north of mid-span at 37,500 cycles. The welded connection at 7.5 ft. south of mid-span 
failed at 44,000 cycles. At 56,000 cycles, connection failure occurred at 7.5 ft. north of mid-span. The test 
was stopped at 56,000 cycles because the specimen was no longer capable of transferring shear 
adequately across the longitudinal joint. As the connections failed, the resulting moment in Girder A 
increased and a ½-in. long flexural crack was noticed at the bottom of the east stem on Girder A at 56,000 
cycles. The flexural crack may have resulted from a spike in the applied load between 38,000 and 44,000 
cycles. Figure 3.2 shows signs of joint deterioration. 
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(a) Water Seepage through the Joint (b) Failure of Welded Connection 

Figure 3.31  Deterioration of the Joint in the Conventional Specimen 

Stiffness measurements were taken at 0 cycles, 33,500 cycles, 37,500 cycles, 44,000 cycles, and 56,000 
cycles. During each stiffness test, a monotonic load of approximately 42 kips was applied at a rate of 10 
kips per minute. The stiffness of the specimen was determined by dividing the peak load from the load 
test by the corresponding net mid-span deflection at the center of Girder A. The net mid-span deflection is 
the deflection measured with the mid-span LVDT at the center of Girder A minus the deflection resulting 
from the compression of the elastomeric pads at the reactions. The load-deflection graphs from the load 
tests are presented in Figure 3.3. The load tests show the reduction in stiffness as the welded connections 
failed. The first three measurements have an approximately linear load-deflection; however, the load test 
data at 44,000 cycles and 56,000 cycles are slightly non-linear, suggesting a flexural crack may have 
occurred between 38,000 and 44,000 cycles. 
 

 
Figure 3.32  Measured Stiffness during Fatigue I – Conventional Specimen 

The measured stiffness values are plotted in Figure 3.4 against the number of load cycles. A “best fit” line 
was added to show the effective rate of stiffness degradation during the Fatigue I test. The stiffness 
reduced from an initial value of 116 kip/in. to a final value of 92 kip/in. with a stiffness degradation 
effective rate of 0.406 kip/in./1000 load cycles.  
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Figure 3.33  Stiffness Degradation during Fatigue I – Conventional Specimen 

Figure 3.5 shows the measured relative deflection and joint rotation versus the number of load cycles. The 
values plotted in Figure 3.5 corresponded to an applied monotonic load of 35 kips. The relative deflection 
and joint rotation increased by 0.14 in. and 0.21 degrees, respectively, when the number of load cycles 
increased from 0 to 55,000. Figure 3.6 shows the relative deflection between Girder A and Girder B 
during the Fatigue I test. 
 

 
Figure 3.34  Relative Deflection and Joint Rotation during Fatigue I – Conventional Specimen 
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Figure 3.35  Relative Deflection at the Joint – Conventional Specimen 

3.2.2 Fatigue II Loading 
 
The longitudinal joint of the conventional specimen was repaired to its original condition before the start 
of the Fatigue II test. To repair the joint, the grout was chipped out of the joint and the welded 
connections were cut at the weld joining the steel plate and the embedded steel angles. The girders were 
then moved apart to allow access to the embedded steel angles. The original weld was completely 
removed by grinding off the weld material on top of the angle to a smooth surface. The girders were 
moved back to their original position and the connections were welded together by a certified welder. 
Subsequently, the joint was grouted. Prior to applying the 21 kip fatigue loading, the stiffness of the 
specimen was measured to verify that the stiffness was not affected by the previous fatigue loading or the 
longitudinal joint repair. The measured stiffness was found to be identical to the original stiffness of 116 
kip/in.  
 
At 19,500 load cycles, water began to seep through the longitudinal joint close to mid-span. Similar to the 
Fatigue I test, the leak spread farther away from mid-span with the increasing number of load cycles. At 
62,000 cycles, the first welded connection failed at 2.5 ft. north of mid-span when the weld between the 
angle and the connection plate cracked. The connections at 2.5 ft. south of mid-span and 7.5 ft. north of 
mid-span broke at 67,000 and 80,000 cycles, respectively. The test was stopped at 80,000 cycles as the 
specimen was no longer capable of adequately transferring shear between the two girders. The load-
deflection results from the monotonic load tests are presented in Figure 3.7. The load-deflection plots 
were approximately linear, suggesting that the girders were acting as uncracked. Although Girder A was 
cracked in the previous test, the prestressing force prevented the development of tensile stresses at the 
bottom of the section under the 21 kip load. 
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Figure 3.36  Measured Stiffness during Fatigue II – Conventional Specimen 

The measured stiffness values are plotted in Figure 3.8 against the number of load cycles. The stiffness 
reduced from an initial value of 116.5 kip/in. to a final value of 104 kip/in. with an effective stiffness 
degradation rate of 0.130 kip/in./1000 load cycles. Doubling the fatigue load level to 42 kips resulted in 
more than three times the stiffness degradation rate. 
 

 
Figure 3.37  Stiffness Degradation during Fatigue II – Conventional Specimen 

Figure 3.9 shows the measured relative deflection and joint rotation. For the Fatigue II load, the relative 
deflection and the joint rotation increased by 0.05 in. and 0.13 degrees, respectively, when the number of 
load cycles increased from 0 to 80,000.  
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Figure 3.38  Relative Deflection and Joint Rotation during Fatigue II – Conventional Specimen 

3.2.3 Strength Test 
 
The longitudinal joint was repaired to its original condition prior to performing the strength test. Figure 
3.10 shows the load-deflection plot. The deflection of Girder A at the equivalent service load of 42 kips 
was 0.4 in. At a load of 69.4 kips the welded connection at 2.5 ft. north of mid-span failed when the 
connecting plate underwent significant double curvature bending as the two girders started to separate 
vertically. This was followed by complete separation between the angle and its embedded headed stud. 
The peak load reached during the test was 73.8 kips at a displacement of 1.12 in. measured at girder A. 
The peak load occurred immediately before the second connection failed at 2.5 ft. south of mid-span. 
After the second connection failed, the deflection of girder B started to decrease with an increase in the 
actuator’s head displacement, indicating decreased shear transfer across the joint. The first prestressing 
strand yielded at the bottom of girder A when the load dropped to 66.1 kips at a displacement of 1.9 in. 
Plots of the measured strains are presented in Appendix G. The test was stopped after the longitudinal 
joint had completely separated. Figure 3.11 shows the conventional specimen at failure. 
 

 
Figure 3.39  Measured Load-Deflection during Strength Test – Conventional Specimen 
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Figure 3.40  Conventional Specimen at Failure 

The relative deflection and joint rotation of the conventional specimen during the strength test is 
presented in Figure 3.12. The relative deflection and joint rotation at the equivalent service load of 42 
kips were 0.036 in. and 0.27 degrees, respectively. The LVDTs used to monitor the relative deflection and 
the joint rotation were removed before the strength test was completed to prevent damage to the LVDTs. 
The ultimate relative deflection was in excess of 4 in. due to joint failure. 
 

  
Figure 3.41  Measured Relative Deflection and Joint Rotation – Conventional Specimen 

The north end reactions at the stems of Girder A and Girder B were measured under an applied load of 42 
kips. The stems were labeled AW (Girder A, West stem), AE (Girder A, East stem), BW (Girder B, West 
Stem), and BE (Girder B, East Stem).  Figure 3.13 shows the distribution of the total end reaction to the 
stems of the two girders. The reaction at the exterior stem BE of Girder B (trailing girder) was a negative 
force of 1.1 kips. This negative reaction was counteracted by the girder self-weight, which prevented 
uplift at stem BE. The reaction at the interior stem BW of Girder B accounted for 49% of the entire 
reaction at the north end. These results indicated that the joint behaved as a hinge, and the shear force that 
was transferred across the hinge acted as an eccentric force on Girder B, thus inducing an overturning 
moment that increased the reaction at BW and reduced the reaction at BE. The reactions at the interior 
stem AE and exterior stem AW of Girder A accounted for 31% and 25% of the entire reaction at the north 
end of the specimen.  
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Figure 3.42  Measured End Reactions – Conventional Specimen 

3.3 Test Results – Proposed Specimen 
 
The proposed specimen was first subjected to Fatigue II cyclic loading, followed by Fatigue I cyclic 
loading, and was finally loaded monotonically until failure. To study the effect of the diaphragms (joint 
rotation restraints) on improving the joint performance, the Fatigue II loading was performed with 7, 5, 3, 
and no diaphragms in place. 
 
3.3.1 Fatigue II Loading 
 
The proposed specimen was first fatigue tested while all seven diaphragms between the stems were in 
place. A 21-kip load was applied at 1 cycle per second for a total of 500,000 cycles. No signs of joint 
deterioration or leakage were observed. Stiffness measurements were made periodically. The stiffness of 
the specimen was determined in a fashion similar to that of the conventional specimen. The load-
deflection graphs from the stiffness tests are presented in Figure 3.14. The measured stiffness values are 
plotted against the number of load cycles in Figure 3.15. The stiffness reduced from an initial value of 
114.3 kip/in. to a final value of 113.3 kip/in. with negligible effective stiffness degradation rate of 0.0023 
kip/in./1000 load cycles. 
 

 
Figure 3.43  Measured Stiffness during Fatigue II with 7 Diaphragms – Proposed Specimen 
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Figure 3.44  Stiffness Degradation during Fatigue II with 7 Diaphragms – Proposed Specimen 

Figure 3.16 shows the measured relative deflection and joint rotation versus the number of load cycles. 
The values plotted in Figure 3.16 corresponded to an applied monotonic load of 21 kips. The changes in 
the relative deflection and joint rotation with increased loading cycles were negligible. 
 
 

 
Figure 3.45  Relative Deflection and Joint Rotation during Fatigue II with 7 Diaphragms 

– Proposed Specimen 

The diaphragms were removed and an additional 200,000 fatigue cycles were applied. No joint 
deterioration or leakage was observed. The load-deflection graphs from the stiffness tests are presented in 
Figure 3.17, and the measured stiffness values are plotted in Figure 3.18. The stiffness reduced from an 
initial value of 115 kip/in. to a final value of 113.5 kip/in. Although the effective stiffness degradation 
rate was 0.0046 kip/in./1000 load cycles, twice that for the case with seven diaphragms, it was considered 
negligible when compared with the stiffness degradation rate for the conventional specimen. Figure 3.19 
shows a plot of the relative deflection and joint rotation. The relative deflection and joint rotation 
remained essentially unchanged during the 200,000 load cycles. Therefore, the diaphragms were 
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redundant and did not provide tangible benefits to the performance of the proposed joint. The construction 
time and cost would be reduced if the diaphragms were not included in the longitudinal joint detail. 
 

 
Figure 3.46  Measured Stiffness during Fatigue II without Diaphragms – Proposed Specimen 

 
Figure 3.47  Stiffness Degradation during Fatigue II without Diaphragms – Proposed Specimen 
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Figure 3.48  Relative Deflection and Joint Rotation during Fatigue II without Diaphragms 

– Proposed Specimen 

3.3.2 Fatigue I Loading 
 
Following the Fatigue II tests, the proposed specimen was subjected to Fatigue I loading (42 kips) without 
any diaphragms for an additional 100,000 cycles. The specimen did not exhibit any noticeable signs of 
joint deterioration or loss of stiffness. The load-deflection graphs from the stiffness tests are presented in 
Figure 3.20, and the corresponding stiffness values are plotted in Figure 3.21. Figure 3.22 shows a plot of 
the relative deflection and joint rotation. The stiffness, relative deflection, and joint rotation remained 
essentially unchanged with the added number of load cycles.  
 

 
Figure 3.49  Measured Stiffness during Fatigue I – Proposed Specimen 
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Figure 3.50  Stiffness Degradation during Fatigue I – Proposed Specimen 

 

 
Figure 3.51  Relative Deflection and Joint Rotation during Fatigue I – Proposed Specimen 

 
3.3.3 Strength Test 
 
The proposed specimen was tested for strength without the diaphragms. The load-deflection plot for the 
strength test is shown in Figure 3.23. The first flexural cracks appeared on the interior stem of girder A 
(Stem AE) at a load of 28 kips. Although this flexural crack was not noticed during fatigue testing, visual 
inspection during the static test revealed that the east stem was cracked prior to the test. Girder B initially 
cracked at the interior stem (Stem BW) at an applied load of 46.3 kips. The deflection of Girder A at the 
equivalent service load of 42 kips was 0.31in. The first strand yield occurred at a load of 96.5 kips and a 
corresponding displacement at the center of Girder A of 2.6 in. Plots of the measured strains are presented 
in Appendix G. The maximum load reached during the strength test was 113.1 kips at a displacement of 
7.2 in. measured at the center of Girder A. The longitudinal joint remained intact and Girder B trailed 
closely the deflection of Girder A during the entire test until flexural failure of the specimen was initiated 
by crushing of concrete at mid-span in Girder A. The failed specimen is shown in Figure 3.24. 



37 
 

 
Figure 3.52  Measured Load-Deflection during Strength Test – Proposed Specimen 

 

 
Figure 3.53  Proposed Specimen at Failure 

 
The relative deflection and joint rotation of the proposed specimen during the strength test is presented in 
Figure 3.25. The relative deflection and joint rotation at the equivalent service load of 42 kips were 0.008 
in. and 0.09 degrees, respectively. 
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Figure 3.54  Measured Relative Deflection and Joint Rotation – Proposed Specimen 

The north end reactions at the stems of Girder A and Girder B were measured under an applied load of 42 
kips. Figure 3.26 shows the distribution of the total end reaction to the stems of the two girders. The 
results indicate that the joint provided continuity and enabled the two girders to act as one unit. The 
eccentric force P on the unit created a counterclockwise overturning moment that increased the reaction in 
the exterior stem of Girder A (AW) and reduced the reaction in the exterior stem of Girder B (BE). The 
combined reactions at the interior stems (AE and BW) constituted approximately 60% of the total 
reaction at the support. 
 

 
Figure 3.55  Measured End Reactions – Proposed Specimen 

 
3.4 Analysis of Experimental Results 
 
This section presents analysis of the experimental results and comparative evaluation of the effect of joint 
detailing on the serviceability and strength of the test specimens. 
 
3.4.1 Fatigue Life 
 
Based upon expected average daily truck traffic on typical local roads in South Dakota, the number of 
load cycles corresponding to 75 years of service was determined to be 411,000. 
 
The joint of the conventional specimen exhibited rapid deterioration under fatigue loading. Table 3.5 and 
Table 3.6 summarize the deterioration stages and the equivalent service years. 
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Table 3.5  Stages of Joint Deterioration during Fatigue I – Conventional Specimen 

Joint Degradation 
Number of 

Load 
Cycles 

Equivalent 
Service 
Years 

Water Seepage 15,000 2.7 
Failure of 1st Welded Connection 31,500 5.7 
Failure of 2nd Welded Connection 37,500 6.8 
Failure of 3rd Welded Connection 44,000 8.0 

Failure of 4th Welded Connection (Complete 
Joint Failure) 56,000 10.2 

Table 3.6  Stages of Joint Deterioration during Fatigue II – Conventional Specimen 

Joint Degradation 
Number of 

Load 
Cycles 

Equivalent 
Service 
Years 

Water Seepage 19,500 3.6 
Failure of 1st Welded Connection 62,000 11.3 

Failure of 2nd and 3rd Welded Connections 67,000 12.2 
Failure of 4th Welded Connection (Complete 

Joint Failure) 80,000 14.6 

 
The joint of the proposed specimen remained intact throughout the fatigue testing program. Table 3.7 
summarizes the loading conditions and the corresponding service life. The total equivalent service years 
was 145.9 with no signs of fatigue deterioration. 
 

Table 3.7  Stages of Joint Fatigue – Proposed Specimen 

Joint 
Degradation Number of Load Cycles 

Equivalent 
Service 
Years 

No Damage 500,000 (Fatigue II with 7 
Diaphragms in Place) 91.2 

No Damage 200,000 (Fatigue II with no 
Diaphragms) 36.5 

No Damage 100,000 (Fatigue I with no 
Diaphragms) 18.2 

 
3.4.2 Stiffness Degradation 
 
Under fatigue loading, the conventional specimen experienced significant stiffness degradation while the 
stiffness of the proposed specimen was practically unchanged. Figure 3.27 shows a graphical comparison 
of the stiffness degradation for the conventional and the proposed specimens. Table 3.8 presents a 
summary of the stiffness degradation rates. 
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Fatigue II Loading Fatigue I Loading 

Figure 3.56 Comparison of Stiffness Degradation 

Table 3.8  Stiffness Degradation Effective Rates 

 Degradation Effective Rate (kip/in/1000 
cycles) 

 Conventional 
Specimen 

Proposed 
Specimen with no 

Diaphragms 
Fatigue II 

Test 0.130 0.0046 

Fatigue I 
Test 0.406 0.0023 

 
The stiffness degradation effective rate for the conventional specimen was 0.130 and 0.406 kip/in./1000 
cycles for Fatigue II and Fatigue I loading, respectively. Thus, doubling the fatigue load intensity resulted 
in three times the stiffness degradation rate. On the other hand, the stiffness degradation rates for the 
proposed specimen were practically negligible. 
 
3.4.3 Flexural Strength 
 
The nominal flexural strength of one girder was calculated using the method prescribed in AASHTO 
(2012) and was found to be equal to 580 kip-ft. The calculation details are shown in Appendix F.  
The maximum bending moment attained during the strength test of the conventional specimen was 722.6 
kip-ft. Thus, the conventional joint was capable of developing only 61.9% of the combined theoretical 
flexural capacity for the two girders before joint failure. 
 
The maximum bending moment attained by the proposed specimen was 1,107 kip-ft. Thus, the proposed 
joint was capable of engaging the trailing girder and developing 95.4% of the combined theoretical 
flexural strength for the two girders, indicating an excellent ability for load transfer to adjacent girders. 
Under the loading condition considered in this study, the load carrying capacity of the proposed specimen 
was more than 1.5 times that of the conventional specimen. 
 
3.4.4 Reactions at the Support 
 
The measured reactions at the girder stems to the applied load were heavily dependent on the joint 
detailing. The measured support reactions at the stems under an applied 42-kip load are presented 



41 
 

graphically in Figure 3.13 and Figure 3.26 for the conventional and proposed specimens, respectively, and 
are summarized in Table 3.9. For the conventional specimen, the measured reaction at the interior stem of 
the trailing girder (BW) constituted close to 50% of the system’s total reaction, while the reaction at the 
interior stem of the loaded girder (AE) was only 31% of the total reaction even though the load was 
applied almost on top of the stem. On the other hand, the proposed specimen results indicate that the joint 
enabled more uniform load distribution to the interior stems and better engagement of the exterior stems. 
The combined reaction at the interior stems (AE and BW) was approximately 60% of the total reaction 
for the proposed specimen as compared with 80% for the conventional specimen. 
 

Table 3.9  Measured Reactions at the Stems of the North End Support (P = 42 kips) 

 Reaction (kips)  

 AW AE BW BE Total 
(kips) 

Conventional Specimen 5.3 6.6 10.4 -1.1 21.2 
Proposed Specimen 7.9 6.6 5.5 1.1 21.1 

 
The reaction distribution is indicative of a joint that resembles a hinge in the case of the conventional 
specimen and a relatively rigid connection in the case of the proposed specimen. To illustrate this, a 
simplified structural analysis approach was considered. The girders were assumed to be infinitely stiff. 
Thus, the specimens were modeled as two-dimensional elements. The free body diagrams for the two 
dimensional representation of the conventional and the proposed specimens are shown in Figure 3.28 and 
Figure 3.29, respectively. The simplified analysis was performed to determine the stem reactions at one 
end of the specimen.  
 

 
Figure 3.57  Free Body Diagram – Conventional Specimen 

 

Figure 3.58  Free Body Diagram – Proposed Specimen 
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For the conventional specimen, a hinged joint was assumed. Thus, the joint could transfer shear but not 
moment. The shear force applied at the hinge in Figure 3.28 was determined from the measured reactions. 
For the proposed specimen, the joint was assumed to be a rigid connection. The calculated reactions in 
Figure 3.28 and Figure 3.29 are summarized in Table 3.10. The results of the simplified structural 
analysis approach show reactions and reaction distributions that closely resemble the measured 
distributions. Therefore, the joint behavior was close to that of a hinge in the conventional specimen and 
to that of a rigid connection in the proposed specimen. 
 

Table 3.10  Reactions Based on Simplified Structural Analysis (P = 42 kips) 

 Reaction (kips)  

 AW AE BW BE Total 
(kips) 

Conventional Specimen 4.7 7.2 10.6 -1.3 21.2 
Proposed Specimen 8.3 5.8 4.8 2.2 21.1 

 
The measured reactions were verified analytically using structural analysis software (CSI 2012). A finite 
element model was developed for each specimen and analyzed under a 21-kip applied load. The finite 
element model is described in Appendix H. The experimental and analytical stem reactions for the 
conventional specimen and the proposed specimen without diaphragms are presented in Table 3.11 and 
Table 3.12, respectively. A graphical presentation of those results is shown in Figure 3.30. The results 
indicate good agreement between the experimental and analytical results. The difference between the 
experimental and the analytical results ranged between 3% and 13% for the conventional specimen and 
between 2% and 18% for the proposed specimen. Therefore, the reaction measurement at the girder stems 
was considered reliable. 
 

Table 3.11  Experimental and Analytical Reactions (P = 21 kips) – Conventional Specimen 

 North End Reaction (kips)  

 Experimental Analytical % 
Difference 

AW 2.63 2.30 12% 
AE 3.26 3.61 11% 
BW 5.15 5.04 2% 
BE -0.53 -0.46 13% 

Table 3.12 Experimental and Analytical Reactions (P = 21 kips) – Proposed Specimen 
with No Diaphragms 

 North End Reaction (kips)  

 Experimental Analytical % 
Difference 

AW 3.89 3.44 12% 
AE 3.26 3.32 2% 
BW 2.73 3.22 18% 
BE 0.53 0.52 2% 
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(a) Conventional Specimen (b) Proposed Specimen 

Figure 3.59  Reaction Force Distribution to the Girder Stems (P = 21 kips) 
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3.4.5 Effect of Shear Span on Reaction Force Distribution to the Girder Stems 
 
Using the finite element model, the effect of the shear span on the reaction force distribution was 
analyzed. In addition to L/2, where L is the span length, two additional shear spans were considered: L/3 
(13.33 ft. from support) and L/6 (6.67 ft. from support). Figure 3.3.1 shows the reaction force distribution 
for an applied load of 21 kips. The reactions are shown as a percentage of the applied load P rather than 
P/2 because the end reactions deviate from P/2 when the load position is not at mid-span. 
 

  
(a) Load at L/2 (b) Load at L/3 

 
(c) Load at L/6 

Figure 3.60  Analytical Reaction Force Distribution for Shear Spans of L/2, L/3, and L/6 

Table 3.13 presents a summary of the reaction values as a percentage of the total reaction for the three 
shear span cases considered above. The analytical results indicate that the shear span had only a marginal 
effect on the load distribution to the stems. For the proposed specimen, approximately one-third of the 
applied loads were carried by each of the stems of the loaded girder (AW and AE) and the first interior 
stem of the trailing girder (BW). For the conventional specimen, close to one-half of the applied load was 
carried by the first interior stem of the trailing girder (BW).  
 
  



45 
 

Table 3.13  Summary of Analytical Reaction Force Distribution for Different Shear Spans 

  Reaction (% of Support Reaction) 
 Shear Span AW AE BW BE 

Conventional 
Specimen 

L/2 21.9 34.4 48.1 -4.4 
L/3 21.4 35.1 48.3 -4.8 
L/6 20.3 39.7 45.0 -4.9 

Proposed 
Specimen 

L/2 32.8 31.6 30.7 5.0 
L/3 29.9 34.8 32.9 2.4 
L/6 31.1 31.8 34.2 2.9 

3.4.6 Joint Shear 
 
The joint shear for the test specimens was calculated using the measured reactions of Girder A and Girder 
B. For a 21-kip load, the joint shear was 9.24 kips (44% of applied load) for the conventional specimen 
and 6.52 kips (31% of applied load) for the proposed specimen. Therefore, for the cases considered in this 
study, the proposed specimen resulted in an approximately 30% decrease in the joint shear demand.  
The joint shear force in the conventional specimen was carried mainly by the welded connections as 
verified by the finite element analysis. The highest shear force was developed in the middle two welded 
connections closest to the applied load. For a 21-kip load, the shear force in a middle connection was 3.9 
kips, or 18.6% of the applied load. Analysis was also performed for load placements at L/3 and L/6 to 
examine the potential for development of higher shear forces in the welded connections. The shear forces 
in the connections for L/2, L/3, and L/6 load placements are shown in Figure 3.3.2. The results indicate 
that the shear force may reach 4.6 kips in the connections located at 7.5 ft. and 12.5 ft. from the end of the 
specimen.  
 

 
Figure 3.61  Shear Force in the Welded Connections of the Conventional Specimen 

 
On the other hand, the joint shear in the proposed specimen was carried by shear stress along the joint 
length. As expected, the finite element analysis showed that the highest joint shear stresses developed in 
the vicinity of the applied load and reduced gradually as the distance to the applied load increased. The 
joint shear stress in the vicinity of the applied load was approximately 11.5 psi. For a shear force of 6.52 
kips and joint thickness of 5 in., a joint length of 114 in. would be required to carry the shear force.  
For practical applications, a rational procedure for shear design of the proposed joint is suggested. The 
procedure requires determination of an effective joint length for resisting the shear force and a shear 
strength model that lends itself to the joint cross sectional geometry, which represents a deep beam 
condition. A deep beam is defined as a member with a span length less than four times its depth (ACI 
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2014). A conservative estimate for the effective joint length can be based on the assumption that the 
applied load spreads out from the corners of the 20 in. x 10 in. contact area at 45° angles as shown in 
Figure 3.33. Thus, the effective joint length would be equal to 50 in. This value is approximately 44% of 
the 114 in. length determined by using the shear stress value from the finite element analysis. 
 

Figure 3.62  Suggested Effective Joint Length for Shear Strength Design 
 
For shear design, the factored shear force (required strength) must not exceed the design shear force as 
expressed in Equation 3.1: 

Vu ≤ ∅ Vn Equation 3.1 

Where 
 Vu = factored shear force 
 Vn = nominal shear strength 
 Φ = strength reduction factor 
 Φ Vn = design shear strength 
The shear-friction method (ACI 2014) is suitable for determining the nominal shear strength of proposed 
joint. In this method, the nominal shear strength is determined using Equation 3.2: 

Vn = Avf fy (𝜇𝜇 𝑠𝑠𝑠𝑠𝑠𝑠 𝛼𝛼 +  𝑐𝑐𝑐𝑐𝑠𝑠 𝛼𝛼) Equation 3.2 

Where 
 Vn = nominal shear strength 
 Avf = shear-friction reinforcement 
 fy = yield strength of the shear-friction reinforcement 
 μ = coefficient of friction 
 α = angle between shear-friction reinforcement and shear plane 
The shear-friction coefficient for concrete placed against hardened concrete not intentionally roughened is 
0.6 (ACI 2014). The shear plane in the joint is assumed to occur along the interface of the girder deck and 
the grout. Therefore, the angle α is 90°. For the proposed specimen, the shear-friction reinforcement is 
0.24 in2/ft., or 1.0 in.2 per 50 in. of effective length. Assuming the yield strength of the mesh 
reinforcement is 40 ksi, the nominal shear strength would be 24 kips.  
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3.5 Cost Estimate for the Proposed Joint 
 
This section presents an estimate of the cost to implement the proposed longitudinal joint in double tee 
bridges in South Dakota. A preliminary estimate was performed by a bridge construction company in 
Mitchell, South Dakota. The estimate reflects the prevailing prices in 2014. 
 
The cost estimate was based on a two-lane 65 ft. bridge with eight 30 in. deep double tee girders. The 
additional fabrication and construction cost for the double tee girders with the proposed joint without 
diaphragms would be $9,350. If the diaphragms were included in the longitudinal joint system, the cost 
would be $13,720. Bids for previous double tee bridge projects with 65 ft. spans have ranged from 
$250,000 to $300,000. Implementing the proposed joint without diaphragms could increase the initial 
project cost by 3% to 4%. 
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4. FINDINGS AND CONCLUSIONS 
 
The research study presented in this report was conducted at South Dakota State University (SDSU) to 
develop new longitudinal joint detailing for use with precast/prestressed double tee bridge girders and to 
assess the structural performance of the proposed new joint and the conventional joint that has been used 
in South Dakota. The study included experimental and analytical work. The experimental work included 
fatigue and strength testing of two full-scale bridge deck sub-assemblages. 
 
The proposed joint exhibited substantially improved serviceability and strength performance 
characteristics over the conventional joint at no significant increase in initial construction cost. 
 
4.1 Findings 
 
Based on the experimental and analytical results, the following findings were identified. 

 The proposed joint construction process was relatively simple and did not require special 
expertise or tools. The conventional joint required a certified welder to attach the welded 
connections. 

 The proposed joint survived 800,000 combined Fatigue II and Fatigue I load cycles (146 service 
years) without exhibiting any signs of failure. The conventional joint experienced structural 
failure at 62,000 load cycles (11.3 service years) under normal service loading conditions 
(Fatigue II). 

 Water seepage through the conventional joint started at 19,500 load cycles (3.6 service years) and 
15,000 load cycles (2.7 service years) for Fatigue II and Fatigue I loads, respectively. The 
proposed joint remained water tight under 800,000 cycles of combined Fatigue I and Fatigue II 
loading. It should be noted that non-shrink grout material specified by South Dakota DOT 
(described in this report) is adequate for the proposed joint. However, the joint must be cast in 
one continuous pour to eliminate cold joints that might allow for the passage of water. 

 Under fatigue loading, the conventional joint deteriorated rapidly resulting in significant stiffness 
degradation, while the proposed joint remained essentially intact and had negligible effect on 
stiffness degradation. For Fatigue II loading, the stiffness degradation rate of the conventional 
specimen was 26 times that of the proposed specimen. 

 The addition of rotation-restraining diaphragms to the proposed joint detail reduced the stiffness 
degradation rate by a factor of 2 (from 0.0046 kip/in./1000 load cycles to 0.0023 kip/in./1000 
load cycles). However, even without diaphragms, the stiffness degradation rate was negligible 
and had no negative effects on the joint performance. 

 The behavior of the conventional joint was close to that of a hinged connection while the 
behavior of the proposed joint was close to that of a rigid connection. The difference in behavior 
had significant implications on flexural strength, distribution of the support reactions to the girder 
stems, and joint shear. 

 The conventional joint allowed for the development of only 61.9% of the loaded and trailing 
girders combined flexural strength. The proposed joint was capable of engaging the trailing girder 
and developing 95.4% of the combined flexural strength. 

 For the conventional specimen, the measured reaction at the interior stem of the trailing girder 
constituted close to 50% of the system’s total support reaction, while the reaction at the interior 
stem of the loaded girder was only 31% of the total support reaction even though the load was 
applied almost on top of the stem. The combined reaction at the interior stems was approximately 
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60% of the total reaction for the proposed specimen as compared with 80% for the conventional 
specimen. 

 The analytical results indicated that the shear span had a minor effect on the load distribution to 
the stems. For each of the three shear spans considered in this study, approximately one-third of 
the applied load was carried by each of the stems of the loaded girder and the first interior stem of 
the trailing girder of the proposed specimen, while close to one-half of the applied load was 
carried by the first interior stem of the trailing girder of the conventional specimen. 

 The joint shear force, as calculated using the measured reactions, was 44% of the applied load for 
the conventional specimen and 31% of the applied load for the proposed specimen.  

 The joint shear force was carried mainly by the welded connections in the conventional joint and 
by shear stresses in the proposed joint. A rational procedure based on an effective joint length and 
the ACI shear-friction equation was developed for the design of the proposed joint for shear.  

 Implementing the proposed joint without diaphragms could increase the initial project cost by 3% 
to 4%. 

4.2 Conclusions 
 
Following are the conclusions of this study. 

 The proposed joint is feasible for field construction and does not require special skills. 

 The proposed joint service life exceeds the desired bridge design life of 75 years while the 
conventional joint would fail during the early service years of a bridge.  

 The proposed joint is successful in mitigating water seepage while the conventional joint is 
susceptible to water seepage at an early age.  

 The proposed joint virtually eliminates stiffness degradation due to fatigue while the conventional 
joint would result in rapid stiffness degradation.  

 The rotation-restraining diaphragms are redundant and do not provide tangible benefits to the 
performance of the proposed joint. Eliminating the diaphragms would reduce construction cost 
and time. 

 The conventional joint behaves as a hinge, which allows for shear transfer only. The proposed 
joint behavior is similar to a stiff link between the girders. 

 Under the loading conditions considered in this study, the flexural strength of specimen with the 
proposed joint was more than 1.5 times that of the specimen with the conventional joint. 

 The proposed joint allowed for a better spread of the support reactions over the girder stems.  

 The analytical results indicate that the shear span had only a marginal effect on the load 
distribution to the stems. 

 For the cases considered in this study, the proposed joint results in an approximately 30% 
decrease in the joint shear demand. 

 A rational procedure may be used for the shear design of stiff joints with shear-friction 
reinforcement similar to the proposed joint. 

 The added initial construction cost for implementing the proposed joint is approximately 3% to 
4% of the total bridge construction cost. The added cost is inconsequential when compared with 
potential savings obtained by extending the joint service life to more than 75 years. 
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5. RECOMMENDATIONS 
 
Based on the findings of this study, the research team offers the following recommendations. 
 
5.1 Terminology 
 
Future reference to the conventional joint and the proposed joint in double tee girder bridges should be 
“discrete welded joint” and “monolithic joint,” respectively. 
 
The proposed terminology provides a concise description of the anatomy and performance of the two 
joint types considered in this study. 
 
5.2 Discrete Welded Joint 
 
The discrete welded joint detailing should not be used for the construction of new double tee girder 
bridges. 
 
The discrete welded joint is severely inadequate at both the serviceability and the strength limit states. 
Water seepage through the joints could occur within the first three years of service life, leading to 
moisture ingress and concrete deterioration. Failure of the welded connections could start at less than 15 
years in service. Loss of the welded connections will compromise the structural integrity of the bridge and 
reduce its design load carrying capacity. 
 
5.3 Monolithic Joint 
 
The monolithic joint detailing concept should be adopted for the construction of new double tee girder 
bridges. 
 
The monolithic joint provides substantially improved serviceability and strength performance 
characteristics over the discrete welded joint at no significant increase in initial construction cost. The 
rotation-restraining diaphragms are redundant and unnecessary for improving the performance of 
monolithic joints. The joint service life may well exceed the bridge design life of 75 years. The joint is 
water-tight, exhibits negligible stiffness degradation, leads to better distribution of the support reaction to 
the girder stems, and engages adjacent girders at the strength limit state. 
 
5.4 Future Research 
 
A future study is needed to calibrate AASHTO’s wheel load distribution factors, provide a simple method 
for determining the distribution of support reaction to the girder stems, and evaluate the joint shear 
demand in full bridge systems. 
 
AASHTO LRFD Bridge Design Specifications provide live load distribution factors for determining the 
moment and shear demands in girders of double tee girder bridges. The AASHTO distribution factors are 
limited to joints that are “connected only enough to prevent relative vertical displacement at the 
interface.” Moreover, AASHTO does not provide methods for determining the live load shear force 
(reaction) at each stem or the critical shear force transferred at longitudinal joints. 
 
The results of the current study clearly show that the joint behavior has significant influence on the 
support reaction at the girder ends, the distribution of the support reaction to the stems, and the value of 
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the shear force transmitted through the joint. However, this study was limited to testing and analyzing a 
two-girder sub-assemblage system using one of the standard double tee girder cross sections. The basic 
finite element models developed in this study can be expanded in a follow-up parametric study to analyze 
full bridges with different spans and girder cross sections. The main objective of the future study would 
be to develop empirical equations that will enable the designer to determine load demands in different 
double tee bridge configurations.  
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APPENDIX A: KICKOFF MEETING 
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APPENDIX B: SURVEY TOOL 
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APPENDIX C: TECHNICAL MEMORANDA (TASKS 5 AND 6) 
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APPENDIX D: PLANS AND DETAILS OF TEST SPECIMENS 
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APPENDIX E: TECHNICAL DATA SHEET FOR THE GROUT MATERIAL 
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APPENDIX F: CALCULATIONS 
 

F.1: Fatigue II Moment Envelope Using SAP 2000 

𝑆𝑆𝑐𝑐𝑆𝑆𝑆𝑆𝑆𝑆 𝐹𝐹𝑆𝑆𝑐𝑐𝐹𝐹𝑐𝑐𝐹𝐹 = 𝛾𝛾 ∗ (1 + 𝐼𝐼𝐼𝐼
100

)  
where: 
𝛾𝛾 = load factor for Fatigue II Limit State= 0.75 
𝐼𝐼𝐼𝐼 = dynamic load allowance factor for Fatigue II Limit State = 15% 
𝑆𝑆𝑐𝑐𝑆𝑆𝑆𝑆𝑆𝑆 𝐹𝐹𝑆𝑆𝑐𝑐𝐹𝐹𝑐𝑐𝐹𝐹 = 0.75 ∗ (1 + 0.15) = 0.8625  
 

  
𝐼𝐼𝑚𝑚𝑚𝑚𝑚𝑚 = 289.5 𝑘𝑘𝑠𝑠𝑘𝑘 − 𝑓𝑓𝐹𝐹  
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F.2: Live Load Distribution Factor to Interior Girders of Double Tee Bridge Deck 

𝑔𝑔 =
𝑆𝑆
𝐷𝐷

 
where: 
𝑔𝑔 = live load distribution factor 
𝑆𝑆 = spacing of beams (ft) = 3.86 𝑓𝑓𝐹𝐹 
𝐷𝐷 = width of distribution per lane (ft) 

𝐷𝐷 = 11.5−𝑁𝑁𝐿𝐿 + 1.4𝑁𝑁𝐿𝐿(1− 0.2𝐶𝐶)2 when 𝐶𝐶 ≤ 5, or 
𝐷𝐷 = 11.5−𝑁𝑁𝐿𝐿 when 𝐶𝐶 > 5 

𝐶𝐶 = 𝐾𝐾 �
𝑊𝑊
𝐿𝐿
� ≤ 𝐾𝐾 

𝐾𝐾 = �
(1 + 𝜇𝜇)𝐼𝐼

𝐽𝐽
 

where: 
𝐶𝐶 = stiffness parameter 
𝐾𝐾 = constant for different types of construction 
𝑊𝑊 = edge-to-edge width of bridge (ft) = 30.67 𝑓𝑓𝐹𝐹 
𝐿𝐿 = span of beam (ft) = 40 𝑓𝑓𝐹𝐹 
𝑁𝑁𝐿𝐿 = number of design lanes = 2 
𝜇𝜇 = Poisson’s ratio of concrete = 0.2 
𝐽𝐽 = St. Venants’s torsional inertia of girder cross-section (in4) = 4,351 𝑠𝑠𝑠𝑠4  
𝐼𝐼 = moment of inertia of beam (in4) = 19,498 𝑠𝑠𝑠𝑠4 

𝐾𝐾 = �
(1 + 0.2) ∙ 19,498𝑠𝑠𝑠𝑠4

4,351𝑠𝑠𝑠𝑠4
= 2.32 

𝐶𝐶 = 2.32�
30.67′

40′ � = 1.81 < 5 

∴ 𝐷𝐷 = 11.5− 2 + 1.4 ∙ 2(1− 0.2 ∙ 1.81)2 = 10.64 𝑓𝑓𝐹𝐹 

𝑔𝑔 =
3.86′

10.64′
= 0.35 
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F.3: Flexural Strength 

𝐼𝐼𝑛𝑛 = 𝐴𝐴𝑝𝑝𝑝𝑝𝑓𝑓𝑝𝑝𝑝𝑝 �𝑑𝑑𝑝𝑝 −
𝑆𝑆
2
� 

in which: 

𝑓𝑓𝑝𝑝𝑝𝑝 = 𝑓𝑓𝑝𝑝𝑝𝑝 �1 − 𝑘𝑘
𝑐𝑐
𝑑𝑑𝑝𝑝
� 

𝑘𝑘 = 2�1.04−
𝑓𝑓𝑝𝑝𝑝𝑝
𝑓𝑓𝑝𝑝𝑝𝑝

� 

𝑐𝑐 =

⎝

⎛ 𝐴𝐴𝑝𝑝𝑝𝑝𝑓𝑓𝑝𝑝𝑝𝑝

0.85𝑓𝑓𝑐𝑐′𝛽𝛽1𝑏𝑏 + 𝑘𝑘𝐴𝐴𝑝𝑝𝑝𝑝
𝑓𝑓𝑝𝑝𝑝𝑝
𝑑𝑑𝑝𝑝⎠

⎞ 

𝑆𝑆 = 𝑐𝑐𝛽𝛽1 
where:  

𝐼𝐼𝑛𝑛= nominal flexural resistance (kip-in.) 
𝐴𝐴𝑝𝑝𝑝𝑝= area of prestressing steel (in2) 
𝑓𝑓𝑝𝑝𝑝𝑝 = average stress in prestressing steel at nominal bending resistance (ksi) 
𝑓𝑓𝑝𝑝𝑝𝑝 = specified tensile strength of prestressing steel (ksi) 
𝑓𝑓𝑝𝑝𝑝𝑝 = yield strength of prestressing steel (ksi) 
𝑑𝑑𝑝𝑝 = distance from extreme compression fiber to the centroid of prestressing tendons 

(in.) 
𝑐𝑐 = depth of neutral axis (in.) 
𝑆𝑆 = depth of equivalent stress block (in.) 
𝑓𝑓𝑐𝑐′ = specified compressive strength of concrete (ksi) 
𝛽𝛽1 = stress block factor  
𝑘𝑘 = factor depending on type of prestressing steel 
𝑏𝑏 = width of the compression face of the member; for a flange section in compression, 

the effective width of the flange (in.) 
 
𝑓𝑓𝑝𝑝𝑝𝑝 = 270𝑘𝑘𝑠𝑠𝑠𝑠 for Grade 270 low lax strand 
𝑓𝑓𝑝𝑝𝑝𝑝 = 0.9 ∙ 𝑓𝑓𝑝𝑝𝑝𝑝 = 0.9 ∙ 270𝑘𝑘𝑠𝑠𝑠𝑠 = 243𝑘𝑘𝑠𝑠𝑠𝑠 

𝑘𝑘 = 2 �1.04−
243𝑘𝑘𝑠𝑠𝑠𝑠
270𝑘𝑘𝑠𝑠𝑠𝑠

� = 0.28 
𝛽𝛽1 = 0.65 for 𝑓𝑓𝑐𝑐′ ≥ 8𝑘𝑘𝑠𝑠𝑠𝑠 
𝐴𝐴𝑝𝑝𝑝𝑝 = 12 ∗ 0.153𝑠𝑠𝑠𝑠2 = 1.836𝑠𝑠𝑠𝑠2 

𝑐𝑐 = �
1.836𝑠𝑠𝑠𝑠2 ∙ 270𝑘𝑘𝑠𝑠𝑠𝑠

0.85 ∙ 8.5𝑘𝑘𝑠𝑠𝑠𝑠 ∙ 0.65 ∙ 46𝑠𝑠𝑠𝑠 + 0.28 ∙ 1.836𝑠𝑠𝑠𝑠2 270𝑘𝑘𝑠𝑠𝑠𝑠
15.34𝑠𝑠𝑠𝑠

� = 2.20 𝑠𝑠𝑠𝑠 

𝑓𝑓𝑝𝑝𝑝𝑝 = 270𝑘𝑘𝑠𝑠𝑠𝑠 �1 − 0.28
2.20𝑠𝑠𝑠𝑠

15.34𝑠𝑠𝑠𝑠
 � = 259𝑘𝑘𝑠𝑠𝑠𝑠 

𝑆𝑆 = 2.20𝑠𝑠𝑠𝑠 ∙ 0.65 = 1.43𝑠𝑠𝑠𝑠 
𝐼𝐼𝑛𝑛 = 1.836𝑠𝑠𝑠𝑠2 ∙ 259𝑘𝑘𝑠𝑠𝑠𝑠 �15.34𝑠𝑠𝑠𝑠 − 1.43𝑖𝑖𝑛𝑛

2
� = 6955 𝑘𝑘𝑠𝑠𝑘𝑘 − 𝑠𝑠𝑠𝑠 or 580 𝑘𝑘𝑠𝑠𝑘𝑘 − 𝑓𝑓𝐹𝐹 
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APPENDIX G: MEASURED STRAINS 
 

G.1: Conventional Specimen 
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G.2: Proposed Specimen 
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APPENDIX H: FINITE ELEMENT ANALYSIS 
 
The models were constructed to investigate the shear transfer across the longitudinal joints and reaction 
distribution with varying load placement. The analytical work was performed using the finite element and 
structural analysis program SAP2000. 

H.1: FE Models 

The girders of the Proposed and Conventional specimens were modeled with a combination of solid 
elements and beam elements. Similar to the full-scale test specimens, a section height of 23 in. and length 
of 40 ft. was used. Beam elements were used to model the stems of the girders and solid elements were 
used to model the deck of the girder. The slab acted compositely with the beams, thus the section 
properties matched the theoretical section properties. The beam elements had a section height of 18 in. 
and were tapered from 5 in. at the bottom to 6.25 in. at the top of the beam section. Reinforcing steel 
was added to the stem sections to account for the prestressing steel. The deck had cross-sectional 
dimensions of 46 in. × 5 in. Figure H-1 shows a 3-dimensional view of the model from SAP2000. A 6-in. × 
6-in. × 1-in. mesh was used for the solid elements of the deck. Meshes finer than 6 in. × 6 in. did not yield 
significantly different results. Thus, a 6-in. × 6-in. mesh was used to reduce the execution time. 

 

 

Figure H-1: Extruded View of Finite Element Model 

The supports were modeled as linear spring elements with stiffness values in the principal directions 
based on the elastomeric bearing pads used in the experiment. The stiffness in the U1 (vertical) direction 
was 4000 kip/in. The U1 stiffness was calculated from measured deflections in the elastomeric pads during 
experimental testing. The stiffness in the U2 and U3 (horizontal) directions was calculated based on the 
shear deformation of the elastomeric pads. This yielded a stiffness of 12 kips/in. in the U2 and U3 
directions. 

The longitudinal joint of the conventional specimen was modeled with eight linear spring elements. The 
spring elements were used to model the welded steel connections between the girders. Figure H-2 shows 
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a schematic of the spring element used to model the welded steel connections between the girders. The 
gap between the girders is exaggerated in Figure H-2 to show the spring element. The two girders in the 
conventional model were spaced with a 3/8-in. gap between the girders, which is the typical spacing of 
double tee girders in the field. The spring elements were spaced 5 ft. apart along the longitudinal joint to 
match the welded steel connections in the conventional specimen. The connections were located at mid-
height on the deck. 

 

 

Figure H-2: Spring Element Model for the Welded Connections of the Conventional Specimen 

The stiffness in the U1 direction was determined from the axial stiffness of the welded plate joining the 
connections. The stiffness in the U2 direction was determined from the double curvature bending of the 
welded plate in the U2 direction. The U3 stiffness was based on the shear deformation of the welded plate 
in the U3 direction. The rotational degrees of freedom for R1 and R2 were considered fixed since the 
corresponding stiffness would be relatively high. The R3 stiffness was based on experimental data from 
the conventional specimen strength test. Using the load cell data from the strength test, the moments 
were summed about the longitudinal joint and compared with the measured rotation from the top and 
bottom LVDTs. This yielded a stiffness of 2,500 kip-in./rad before significant flexural cracking of the 
sections had occurred. Table H.1 displays the stiffness values used to model the connections of the welded 
connections. Note that the values shown in Table H.1 are representative of a typical element of the eight 
linear spring elements used to model the Conventional specimen. 

Table H.1: Spring Element Stiffness for the Conventional Specimen 

U1 
(kip/in) 

U2 
(kip/in) 

U3 
(kip/in) 

R1 
(kip-in/rad) 

R2 
(kip-in/rad) 

R3 
(kip-in/rad) 

36,250 2,900 14,375 Fixed Fixed 2,500 

The longitudinal joint of the proposed specimen was modeled with linear spring elements similar to those 
used with the conventional specimen. However, instead of using eight linear spring elements, 120 linear 
spring elements were used. Each spring element represented a transverse bar in the longitudinal joint of 
the proposed specimen. The linear spring elements were spaced at 4 in. along the longitudinal joint and 
connected to the girders at mid-height on the deck. Because the longitudinal joint of the proposed 
specimen was 4 in. wider than that of the conventional specimen, the two girders in the model were 
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spaced 4 in. apart. The U1 stiffness represented the axial stiffness of one of the transverse bars in the 
longitudinal joint. The U2 and U3 stiffness was fixed because no significant relative deflection was 
measured during the proposed strength test. The degrees of freedom for R1 and R2 were fixed because 
rotations in these directions are highly restrained. The R3 stiffness was calculated with the same technique 
used for the conventional specimen. The moments resulting from the reactions and applied loads were 
summed about the longitudinal joint and compared with the measured rotation data. Table H.2 shows 
the stiffness values used for the proposed specimen with and without the diaphragms. The rotational 
stiffness in the R3 direction was much larger when the diaphragms were considered. 

Table H.2: Spring Element Stiffness for the Proposed Specimen 

 U1 
(kip/in) 

U2 
(kip/in) 

U3 
(kip/in) 

R1 
(kip-in/rad) 

R2 
(kip-in/rad) 

R3 
(kip-in/rad) 

With 
Diaphragm 584 Fixed Fixed Fixed Fixed 3439 

Without 
Diaphragm 584 Fixed Fixed Fixed Fixed 600 

H.2: Analytical Results 

Linear analysis was performed in SAP2000 for the conventional specimen, the proposed specimen with 
diaphragms, and the proposed specimen without diaphragms. A surface load of 21 kips was applied on a 
20-in. × 10-in. area and positioned next to the longitudinal joint at mid-span, identical to the load 
placement for the experimental tests. The stress notations relative to the global X-Y-Z axes shown in Figure 
H-1 are presented in Figure H-3. The X, Y, and Z axes represent the longitudinal, transverse, and vertical 
directions of the specimens, respectively. S11 is normal stress, which is mainly due to a bending moment 
for the loading setup considered, S23 is the shear stress in a longitudinal section, and S13 is the shear stress 
in a transverse section. 

 

Figure H-3: Stress Notation Relative to the Global System of Axes 

H.2.1: Conventional Specimen 
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The S11 stress contours for the conventional specimen are shown in Figure H-4. The S11 stress contours in 
Figure H-4 are those stresses resulting from the applied load only, and do not account for the additional 
stresses from prestressing and the dead load. The area of highest stress (marked by the red colored area) 
is on Girder A at mid-span where the load was applied. 

 

Figure H-4: S11 Stress Contours – Conventional Specimen 

The S23 stress contours for the conventional specimen are shown in Figure H-5. The S23 stress contours 
show discrete areas of higher shear stress at the spring elements (connections). The highest S23 stresses 
are at the connections near mid-span. 

 

Figure H-5: S23 Stress Contours – Conventional Specimen 

  



92 
 

H.2.2: Proposed Specimen without Diaphragms 

The stress contours for S11 is shown in Figure H-6. The maximum stress intensity on Girder B of the 
proposed without-diaphragm model is larger than that of the conventional model. The higher stress 
intensity is due to a more rigid longitudinal joint connection. The increased joint stiffness decreases the 
rotation and movement between Girder A and Girder B, which allows the joint of the proposed specimen 
to engage the trailing girder (B), resulting in a higher S11 stress in Girder B. 

 

Figure H-6: S11 Stress Contours – Proposed Specimen with No Diaphragm 

The S23 stress contours for the proposed specimen with no diaphragms are shown in Figure H-7. The S23 
stress contours show the highest shear stress along the longitudinal joint to be located in the vicinity of 
the applied load at mid-span with stress values of approximately 11.5 psi. 
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Figure H-7: S23 Stress Contours – Proposed Specimen with No Diaphragm 

H.2.2: Proposed Specimen with Diaphragms 

The proposed specimen was also modeled with the diaphragms in place. Figure H-8 shows the S11 stress 
contours with an applied load of 21 kips. The S11 stress contours for the cases with and without diaphragms 
are very comparable.  

 

Figure H-8: S11 Stress Contours – Proposed Specimen with Diaphragms 
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Figure H-9 shows the S23 stress contours for the proposed specimen with diaphragms. The S23 stress 
distribution is very comparable to the stress distribution for the case with no diaphragms. 

 

Figure H-9: S23 Stress Contours – Proposed Specimen with Diaphragms 
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APPENDIX I: ADDITIONAL LITERATURE REVIEW 
 

I.1: Fatigue Evaluation of Longitudinal U-Bar Joint detail 

Zhu, P., Ma, Z., and French, C. (2012). ”Fatigue Evaluation of Longitudinal U-Bar Joint Details for 
Accelerated Bridge Construction.” J. Bridge Eng., 17(2), 201–210. 
This study is similar to the headed bar joint detail in decked bulb tee girders. For this study, continuous 
longitudinal U-bar joint details are investigated. Four specimens with the U-bar and closure pour detail 
were tested under static and fatigue loading. The loading demand necessary in the slab fatigue testing was 
determined on the basis of 3D finite-element study. Test results were evaluated on the basis of flexural 
capacity, curvature behavior, cracking, and steel strain. The fatigue loading was found to have little 
influence on the U-bar joint behavior. In general, crack widths were small at the service load level. No 
debonding between the slab and the joint was noticed. Because the closure-pour material was cast-in-
place and had a relatively short curing time for the purpose of accelerated construction, it was very 
important to control its strength variation. The U-bar joint detail is a viable connection system for the 
longitudinal joint in bridge decks. 
 
Specimen: 
 
The U-bar detail is shown below in Figure I.1-1 and Figure I.1-2. Four specimens were constructed. Each 
specimen consisted of two panels. Each panel had dimensions of 72 in. x 64 in. x 6.25 in. The #5 U-bars 
projected out of the slab to splice with the U-Bars in the adjacent slab. The spacing was 4.5 in. and the 
overlap of the U-bars was 6 in. U-bars near the joint were instrumented with strain gauges. 

 
Figure I.1-1 U-Bar detail 
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Figure I.1-2 U-Bar specimen 
 
Loading: 
 
The author first used a Finite Element Model (FEM) to model the system and determine maximum loads 
to be used for the specimens.  
Four specimens were tested under different loading conditions: 

1) Pure flexure static load 

2) Flexure and shear static load 

3) Pure flexure fatigue load 

4) Flexure and shear fatigue load 

All the specimens were simply supported and LVDTs were used to measure displacement. The static 
loads were applied in increments. Two million cycles were applied at four Hz. At 0.5, 1, 1.5, and 2 
million cycles, static load tests were performed.  
 
Conclusions: 

1) Fatigue loading had little impact on U-bar joint behavior. 

2) The U-bar detail performed better than the headed bar detail in terms of moment capacity and 
service-level crack widths. Also, the U-bar joint zone is less congested than the headed bar detail. 

3) Cracks were observed at the grouted joint and concrete slab interface. These cracks formed above 
the service load level and below the service load level depending on the specimen. Cracks were 
less than 0.15mm at service load. Cracks formed at a smaller rate compared with the headed bar 
test. 

4) All specimens exceeded calculated capacity. The U-bar detail is a viable detail for longitudinal 
joints between decked bulb tee flanges. 

  



97 
 

I.2: Design, Construction, and Field Testing of an Ultra-High Performance Concrete Pi-
Girder Bridge 

 
Rouse, J., Wipf, T., Phares, B., Fanous, F., Berg, O. (2011) “Design, Construction, and Field Testing of 
an Ultra-High Performance Concrete Pi-Girder Bridge.” Iowa State University, Ames, IA. 
The Jakway Park Bridge in Buchanan County, Iowa, was constructed with the second generation “Pi” 
girder. The precast prestressed pi-girder is composed of Ultra-High Performance Concrete (UHPC). The 
cross section is shown below in Figure I.2-1. The study explored lab tests and live load field tests to look 
at the behavior of the beam and compare it with the finite element analysis performed.  
 
Girder: 

 
Figure I.2-1 Details of Pi girder 
The pi-girders used for the bridge were 50 ft. in length and three 8 ft., 4 in. wide. The girders had cast-in-
place end diaphragms and steel HSS intermediate diaphragms at the quarter-span and mid-span. Girders 
were placed on neoprene bearing pads.  
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Shear key: 
 
A cast in place shear key was used to connect adjacent girders at the deck level. #8 bars were also placed 
in “blocked out” grout pockets as shown in Figure I.2-2.  

 

 
Figure I.2-2 Grouted shear pockets in Pi girder 
 
Instrumentation: 
 
The girders were tested in the field and instrumented with 32 surface mounted strain gauges and six 
displacement gauges. Displacement was measured at mid-span.  
 
Testing: 
 
The compressive strength of the concrete and modulus of rupture of the UHPC were tested in the lab and 
found to be 28,000 psi and 1,800 psi, respectively. Field tests were performed in 2008 and one year later 
in 2009 to determine if the bridge was behaving similarly. The live load for the test included a 60,000 lb. 
dump truck driven over predetermined paths that varied from edge to edge of the bridge width. For the 
first set of tests in 2008, the intermediate HSS diaphragms were disconnected and then connected for the 
second set of tests in 2008 to determine their contribution to live load distribution. 
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Conclusions: 
• The new bridge girder is performing well and is an effective option for medium span bridges with 

accelerated construction schedules. 

• Only very slight changes in structural behavior were noticed in the first year of service. 

• Girders have lateral distribution factors of between 0.62 and 0.72.  

• Steel diaphragms are not very effective in improving the live load distribution between pi-girders  

I.3: Development of the Northeast Extreme Tee (NEXT) Beam for Accelerated Bridge 
Construction (ABC) 

 
Culmo, M. and Seraderian, R. (2010) “Development of the Northeast Extreme Tee (NEXT) Beam for 
Accelerated Bridge Construction (ABC).” PCI Journal, Summer 2010, Chicago, IL. 
The NEXT beam is a regional standard that was developed by the northeast state department of 
transportations and local precast manufacturers. It is non-proprietary and NEXT Beam was being 
produced by four PCI certified producers as of 2012.  
Two different details for the NEXT beam exist; they are the D Beam and the F Beam.  
The F Beam (Flange Beam) is a beam with a partial-depth flange that serves as the formwork for a 
conventional cast-in-place reinforced concrete deck (Figure I.3-1, shown below). F beam has the 
advantage of a monolithic deck surface at the expense of a few extra days of site construction. It is shown 
below. 

 
Figure I.3-1 NEXT F Beam 
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The D Beam (Deck Beam) is a beam with an integral full-depth flange that acts as the structural bridge 
deck (Figure I.3-2). This allows the bridge to be ready for traffic soon after the beams are placed. 

 
Figure I.3-2 The D Beam 
 
The longitudinal joint between the D Beams was based on research performed on decked bulb tee beams. 
Headed reinforcement is placed below mid-depth to provide more moment capacity. The joint provides 
continuity and seal from infiltration. The joint was tested through two million cycles of loading and then 
successfully subjected to a ponding test.  
The NEXT Beams have depths ranging from 24 in. to 36 in. and widths ranging from 8 ft. to 12 ft. Spans 
range from 30 ft. to 90 ft. The NEXT Beam is well suited for accelerated bridge construction.  
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Section Properties: 

 
Figure I.3-3 Section Properties for NEXT F Beam 
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Figure I.3-4 Section Properties of NEXT D Beam 
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I.4: Structural Performance of Precast/Prestressed Bridge Double-Tee Girders Made of 

High-Strength Concrete, Welded Wire Reinforcement, and 18-mm-Diameter 

Maguire, M., Morcos, G. and Tadros, M. (2013) “Structural Performance of Precast/Prestressed Bridge 
Double-Tee Girders Made of High-Strength Concrete, Welded Wire Reinforcement, and 18-mm-
Diameter.” Journal of Bridge Engineering, Vol. 18, No. 10, pp. 1053-1061. 
The high-strength precast prestressed double tee girders are composed of high-strength concrete (103 
MPa). To evaluate the high-strength, two full-scale 15.24 m long, 1.21 m wide, and 0.5 m deep single tee 
girders were fabricated and then tested at the University of Nebraska. Transfer length, development length 
testing, flexural capacity testing and vertical and horizontal shear transfer testing were conducted on each 
specimen. Preliminary design charts for different girders have been produced already.  
The concrete used for the girder was Nebraska high-strength concrete (NUHSC). The NUHSC selected 
for the double tee was a self-consolidating concrete.  
The girders were fabricated as two single tee specimens that were cast in the standard double tee form. A 
1.2mm CIP deck was poured on the samples prior to testing. Six tests were conducted: 

1) Investigate flexural and shear capacity of the girder 

2) Evaluate the interface shear between girder deck and CIP deck 

3) Compare transfer and development length of 18 mm strands 

 
Figure I.4-1 Cross section for double tee 
 
Conclusions 
 
Flexure and shear capacity predicted by AASHTO LRFD specifications are applicable to the proposed 
bulb double tee girders. 
The interface between NUHSC BDT and CIP concrete deck does not contribute to the horizontal shear 
resistance and should be considered smooth surface unless appropriate interface roughening is achieved.  
The BDT girders can result in a span-to-depth ratio of 33 while being economical to fabricate and 
construct.  
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I.5: Cast-in-Place Concrete Connections for Precast Deck Systems 

French, C., Shield, C., Klaseus, D., Smith, M., Eriksson, W., Ma, Z.J., Zhu, P., Lewis, S., and Cheryl E. 
Chapman (2011) “Cast-in-Place Concrete Connections for Precast Deck Systems.” NCHRP Project 10-
71, Report No. 173, Transportation Research Board, Washington, D.C. 
 
Detail U-bar: 
 
The entire project focused on three objectives: 1) a precast composite slab span system (PCSSS) for short 
to medium bridge spans, 2) Full-depth prefabricated concrete decks, and 3) deck joint closure details for 
decked-bulb-tee (DBT) flange connections. This summary only focuses on objective three. I did not 
include objective one because it involves delivering fresh concrete to the site, which has definitely been 
ruled out. The study also included an extensive investigation of closure pour (grouts) that could be used.  
Five different connections were initially proposed in the study, three were ruled out initially and the 
headed bar and U-bar details were tested further (NCHRP 12-69 tests headed bar detail). The other three 
details were not discussed extensively, and no details were provided in the report. The issue with the U-
bar detail is the tight bend radius to accommodate a bridge deck with proper cover. The minimum radius 
allowed by ACI is 6db for conventional reinforcing steel. For the study, a bend radius of 3db was used 
with a deformed wire reinforcement (DWR), because it is more ductile than conventional steel. Stainless 
steel was also considered as an alternative material for the U-bar detail but was later ruled out after initial 
testing due to its higher cost relative to the deformed wire reinforcement  
 
Closure Pour (grout): 
 
Four overnight cure and four 7-day cure grouts were proposed and studied. 
Testing: Freeze/thaw durability, shrinkage, bond, and permeability test. 
An overnight cure grout with no extension (aggregate) was used to test the U-bar detail and a 7-day grout 
with 60% extension was used in the joint of the U-bar detail. Both were non-shrink grout. They also 
developed a design matrix based on environmental conditions to select joint closure material.  

 
Figure I.5-1 U Bars at Joint 
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